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ABSTRACT 
A Strength and Serviceability Assessment of High Performance Steel Bridge 10462 
 
Aaron G. Bertoldi 
 
High performance steels (HPS) were developed through the cooperative efforts of the 
American Iron and Steel Institute (AISI), the US Navy, and the Federal Highway 
Administration (FHWA).  They offer several advantages over conventional bridge steels 
including greater yield strengths, improved ductility, increased toughness, and better 
welding characteristics.  The three grades of HPS that are currently available in today’s 
bridge market are HPS 50W, 70W, and 100W.  The current steel I-girder flexural 
capacity equations, however, were specifically developed for girders with nominal yield 
strengths less than or equal to 70 ksi.  Because of this fact, the flexural capacities of I-
girders incorporating HPS 100W have been restricted due to a lack of experimental 
and/or analytical evidence that supports the applicability of existing equations. In 
particular, the design flexural capacities of compact and noncompact sections in negative 
flexure are currently limited to their yield moment capacities (My) instead of their plastic 
moment capacities (Mp). 
 
The focus of this research project was to experimentally and analytically evaluate the 
applicability of the current design specifications for I-girders fabricated with HPS 100W.  
In particular, the strength and serviceability of the Culloden Railroad Overpass (WVDOH 
Bridge No. 10462) was assessed by conducting static and dynamic load tests.  The 
Culloden Bridge is a three-span-continuous bridge that utilizes HPS 100W in the 
compression flanges of sections in negative flexure at interior supports.  The 
experimental natural frequency, lateral live load distribution factors, and live load ratings 
were calculated from field test data and compared with values obtained from an 
independent design assessment. 
 
The results indicate that the Culloden Bridge performs with adequate strength and 
serviceability under the current 4th edition of the American Association of Safety and 
Highway Transportation Officials (AASHTO) specifications (2007 with 2008 interims).  
The live load deflections obtained from static load tests were found to be less than 
L/1000, as well as those determined analytically.  Experimental live load deflection 
distribution factors were found to be larger than AASHTO factors. Conversely, 
experimental moment distribution factors were found to be less than AASHTO factors.  
Experimental and design live load ratings were calculated based on the HL-93 design 
vehicular live load.  In all cases, the experimental and design live load rating factors were 
found to be greater than 1.0; which indicates that the Culloden Bridge has sufficient 
capacity. 
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Notation 
A  = fatigue detail category constant; area enclosed within 
centerlines of plates of box members (in2) 
Abf  = area of the bottom flange at the abutment (in2) 
ADTTSL  = single-lane ADTT as specified in Article 3.6.1.4 (trucks) 
Afn  = sum of the flange area and the area of any cover plates on the side of the 
neutral axis corresponding to Dn (in2) 
Asteel  = area of steel section (in2) 
bs  = effective width of concrete deck (in) 
C  = ratio of the shear-buckling resistance to the shear yield strength 
determined with the shear-buckling coefficient, k, taken equal to 5.0 
CG  = distance to the center of gravity of the girder (in) 
CP  = cover plate factor, 2 if bottom flange is cover plated, 1 if not (Imhoff 
1998) 
D  = web depth (in) 
Dc  = depth of the web in compression in the elastic range. For composite 
sections, Dc shall be determined as specified in Article D6.3.1 (in) 
Dcp  = depth of the web in compression at the plastic moment determined as 
specified in Article D6.3.2 (in)  
de  = the distance between the web of the exterior beam and the interior edge 
of curb or traffic barrier applicable for -1.0 ≤ de ≤ 5.5 (ft.) 
DFA = analytical distribution factor from Chapter 2 (lanes) 
DFE = experimental distribution factor from Chapter 2 (lanes) 
Dn  = larger of the distances from the elastic neutral axis of the cross section to 
the inside face of either flange. For sections where the neutral axis is at 
the mid-depth of the web, Dn  
dNA  = distance to the neutral-axis (in) 
Dp  = distance from the top of the concrete deck to the neutral axis of the 
composite section at the plastic moment (in) 
ds  = distance from the centerline of the closest plate longitudinal stiffener or 
from the gage line of the closest angle longitudinal stiffener to the inner 
surface or leg of the compression-flange element (in) 
dslab  = depth of concrete slab (in) 
dsteel  = depth of steel girder (in) 
Dt  = total depth of the composite section (in) 
e  = eccentricity of a design truck or a design lane load from the center of 
gravity of the pattern of girders (ft.) 
E  = modulus of elasticity (ksi) 
Eb  = modulus of elasticity of beam (ksi) 
Econc  = modulus of elasticity of concrete (in4) 
Esteel  = modulus of elasticity of steel (in4) 
 xiv
f0  = stress without consideration of lateral bending at the brace point opposite 
to the one corresponding to f2, calculated from the moment envelope 
value that produces the largest compression at this point in the flange 
under consideration, or the smallest tension if this point is never in 
compression.  f0 shall be due to the factored loads and shall be taken as 
positive in compression and negative in tension (ksi) 
f1  = stress without consideration of lateral bending at the brace point opposite 
to the one corresponding to f2, calculated as the intercept of the most 
critical assumed linear stress variation passing through f2 and either fmid or 
f0, whichever produces the smaller value of Cb. f1 = f0 if the entire 
unbraced length between the brace points is concave in shape; otherwise: 
 f1 = 2fmid - f2 ≥  f0 (ksi) 
f2  = except as noted below, f2 is the largest compressive stress without 
consideration of lateral bending at either end of the unbraced length of 
the flange under consideration, calculated from the critical moment 
envelope value. f2 shall be due to the factored loads and shall be taken as 
positive. If the stress is zero or tensile in the flange under consideration at 
both ends of the unbraced length, f2 shall be taken as zero (ksi) 
fbu  = flange stress calculated without consideration of flange lateral bending 
determined as specified in Article 6.10.1.6 (ksi) 
fc  = compression-flange stress at the section under consideration due to the 
Service II loads calculated without consideration of flange lateral bending 
(ksi) 
Fcr  = elastic lateral-torsional buckling stress (ksi) 
Fcrw  = nominal bend-buckling resistance for webs with or without longitudinal 
stiffeners, as applicable, determined as specified in Article 6.10.1.9 (ksi) 
fDC1  = compression flange stress at the section under consideration, calculated 
without consideration of flange lateral bending and caused by the 
factored permanent load applied before the concrete deck has hardened or 
is made composite (ksi) 
ff  = flange stress at the section under consideration due to the Service II loads 
calculated without consideration of flange lateral bending (ksi) 
fℓ  = flange lateral bending stress at the section under consideration due to the 
Service II loads determined as specified in Article 6.10.1.6 (ksi) 
fmid  = stress without consideration of lateral bending at the middle of the 
unbraced length of the flange under consideration, calculated from the 
moment envelope value that produces the largest compression at this 
point, or the smallest tension if this point is never in compression. fmid 
shall be due to the factored loads and shall be taken as positive in 
compression and negative in tension (ksi) 
 xv
fn  = for sections where yielding occurs first in the flange, a cover plate or the 
longitudinal reinforcement on the side of the neutral axis corresponding 
to Dn, the largest of the specified minimum yield strengths of each 
component included in the calculation of Afn. Otherwise, the largest of the 
elastic stresses in the flange, cover plate or longitudinal reinforcement on 
the side of the neutral axis corresponding to Dn at first yield on the 
opposite side of the neutral axis (ksi) 
Fnc  = nominal flexural resistance of the compression flange determined as 
specified in Article 6.10.7.2.2 (ksi) 
Fnt  = nominal flexural resistance of the tension flange determined as specified 
in Article 6.10.7.2.2 (ksi) 
fsb  = natural frequency from the simple beam equation (Hz) 
FY = yield stress from Chapter 2 (ksi) 
Fyc  = specified minimum yield strength of the compression flange (ksi) 
Fyr  = compression flange stress at the start of nominal yielding within the cross 
section, including residual stress effects, but not including compression 
flange lateral bending, taken as the smaller of 0.7Fyc and Fyw, but not less 
than 0.5Fyc (ksi) 
Fyw  = minimum yield strength of the web (ksi) 
g  = acceleration due to gravity (in/sec2) 
h  = depth between the centerline of the flanges (in) 
Haunch  = depth of haunch (in) 
I  = average moment of inertia of the composite girder section (in4) 
IA = analytical impact factor from Chapter 2 
Ib  = average moment of inertia of the composite girder section (in4) 
Iconc  = moment of inertia of concrete (in4) 
IE = experimental impact factor from Chapter 2 
IExp  = experimental moment of inertia (in4) 
ISteel  = moment of inertia of steel (in4) 
Iyc  = moment of inertia of the compression flange of the steel section about the 
vertical axis in the plane of the web (in4) 
Iyt  = moment of inertia of the tension flange of the steel section about the 
vertical axis in the plane of the web (in4) 
J  = St. Venant torsional constant (in4) 
k  = bend-buckling coefficient for webs with longitudinal stiffeners 
determined as specified in Article 6.10.1.9.2 which specifies 
Kg  = longitudinal stiffness parameter 
L  = span length (ft.) 
Lb  =  length (in) 
Lmax  = maximum span length (ft.) 
Lp  = limiting unbraced length to achieve the nominal flexural resistance under 
uniform bending (in) 
Lr  = limiting unbraced length to achieve the nominal onset of yielding in 
either flange under uniform bending with consideration of compression 
flange residual stress effects (in) 
 xvi
m  = multiple presence factor 
M0  = moment at the brace point opposite to the one corresponding to M2, 
calculated from the moment envelope value that produces the largest 
compression at this point in the flange under consideration, or the 
smallest tension if this point is never in compression. M0 shall be due to 
the factored loads and shall be taken as positive when it causes 
compression and negative when it causes tension in the flange under 
consideration (in-kip) 
M1 = M1 moment at the brace point opposite to the one corresponding to M2, 
calculated as the intercept of the most critical assumed linear moment 
variation passing through M2 and either Mmid or M0, whichever produces 
the smaller value of Cb. M1 = M0 when the variation in the moment along 
the entire unbraced length between the brace points is concave in shape: 
otherwise:  M1 =2 Mmid - M2 ≥ M0 (in-kip) 
M2  = except as noted below, largest major-axis bending moment at either end 
of the unbraced length causing compression in the flange under 
consideration, calculated from the critical moment envelope value.  M2 
shall be due to the factored loads and shall be taken as positive. If the 
moment is zero or causes tension in the flange under consideration at 
both ends of the unbraced length, M2 shall be taken as zero (in-kip) 
MBR  = bearing restraint moment (ft.-kips) 
MBR Abut. = bearing restraint moment at the abutment (ft.-kips) 
MBR Crit. Sec.  = bearing restraint moment at the critical cross section (ft.-kips) 
MBR Pier1   = bearing restraint moment at the first pier location (ft.-kips) 
MBR Pier2   = bearing restraint moment at the second pier location (ft.-kips) 
Mc  = design load truck moment analyzed at critical sections (ft.-kips) 
ME  = experimental load truck moment analyzed at critical sections (ft.-kips) 
ME  = experimental elastic moment with bearing restraint effects removed from 
Chapter 2 (ft.-kips) 
MLE  = experimental elastic moment adjusted for longitudinal distribution from 
Chapter 2 (ft.-kips) 
Mmid = major-axis bending moment at the middle of the unbraced length, 
calculated from the moment envelope value that produces the largest 
compression at this point in the flange under consideration, or the 
smallest tension if this point is never in compression (in-kips) 
Mn  =  nominal flexural resistance of the section (in-kips) 
Mnc  = nominal flexural resistance based on the compression flange determined 
as specified in Article A6.3 (in-kips) 
Mnt  = nominal flexural resistance based on tension yielding determined as 
specified in Article A6.4 (in-kips) 
Mp  = plastic moment of the composite section determined as specified in 
Article D6.1 (in-kips) 
MRVW = analytical RVW Truck Moment (ft.-kips) 
MT  = total moment (ft.-kips) 
MT  = experimental truck moment; from Chapter 2 (ft.-kips) 
 xvii
MTRK = analytical truck moment (ft.-kips) 
Mu  = bending moment about the major-axis of the cross section determined as 
specified in Article 6.10.1.6 (in-kips) 
MWL = analytical wheel load moment for RVW Truck (ft.-kips) 
My  = yield moment determined as specified in Article D6.2 (in-kips) 
Myc  = yield moment with respect to the compression flange determined as 
specified in Article D6.2 (in-kips) 
Myt  =  yield moment with respect to the tension flange determined as specified 
in Article D6.2 (in-kips) 
n  = modular ratio determined as specified in Article 6.10.1.1.1b 
n  = number of stress range cycles per truck passage taken from Table 2 
Nb  = number of beam, stringers, or girders. 
NL  = number of loaded lanes under consideration 
Qi  = force effects from prescribed loads 
R  = reaction of exterior beam 
Rb  = web load-shedding factor determined in Article 6.10.1.10.2 
Rh  = hybrid factor determined as specified in Article 6.10.1.10.1 
Rn  = nominal resistance 
Rpc  = web plastification factor for the compression flange determined as 
specified in Article A6.2.1 or Article A6.2.2, as applicable 
Rpt  = web plastification factor for tension flange yielding determined as 
specified in Article A6.2.1 or Article A6.2.2, as applicable 
Rr  = factored resistance 
rt  = effective radius of gyration for lateral-torsional buckling (in) 
RVW = rating vehicle weight (tons) 
S  = girder spacing (ft.) 
S  = section modulus (in3) 
SA = analytical section modulus with design dimensions (in3) 
SAADIM = analytical section modulus with actual measured dimensions (in3) 
SE = experimental section modulus (in3) 
Ssteel  = section modulus of steel girder (in3) 
STATA  = statical moment from design truck (ft.-kips) 
STATE   = statical moment from experimental data (ft.-kips) 
Sxc  = elastic section modulus about the major axis of the section to the 
compression flange taken as Myc/Fyc (in3) 
Sxt  = elastic section modulus about the major axis of the section to the tension 
flange taken as Myt/Fyt (in3) 
ts  = thickness of concrete deck (in) 
tw  = web thickness (in) 
Vcr  = shear-buckling resistance determined from Eq. 6.10.9.3.3-1 (kip) 
Vn  = nominal shear resistance determined as specified in Articles 6.10.9.2 and 
6.10.9.3 for unstiffened and stiffened webs, respectively (kip) 
Vp  =  plastic shear force (kip) 
 xviii
 xix
Vu  = shear in the web at the section under consideration due to the factored 
loads (kip) 
w  = weight per unit length of composite section (kip/in) 
x  = horizontal distance from the center of gravity of the pattern of girders to 
each girder (ft.) 
Xext  = horizontal distance from the center of gravity of the pattern of girders to 
the exterior girder (ft.) 
 = Percentage of Length 
i  = load factor 
i  = load modifier 
pw(Dcp) = limiting slenderness ratio for a compact web corresponding to 2Dcp/tw 
rw = limiting slenderness ratio for a noncompact web 
 = factor equal to the smaller of Fyw/fn and 1.0 used in computing the hybrid 
factor 
bf = bottom flange stress at the abutment (ksi) 
bf  one = stress on right side of bearing (ksi) 
bf  two = stress on left. side of bearing (ksi) 
DA   = analytical design dead load stress from Chapter 2 (ksi) 
DE   = actual dimension experimental dead load stress from Chapter 2 (ksi) 
Dynamic = largest measured dynamic stress (psi) 
Static = measured static stress (psi) 
(ΔF)TH = constant-amplitude fatigue threshold taken from Table 3 (ksi) 
λ pw(Dc)   = limiting slenderness ratio for a compact web corresponding to 2Dc/tw 
λf  = slenderness ratio for the compression flange 
λpf  = limiting slenderness ratio for a compact flange 
λrf  = limiting slenderness ratio for a noncompact flange 
λrw  = limiting slenderness ratio for a noncompact web 
λw  = slenderness ratio for the web based on the elastic moment 
φf   = resistance factor for flexure specified in Article 6.5.4.2 
φv  = resistance factor for shear specified in Article 6.5.4.2 
 
Chapter 1 – Introduction 
 
1.1 Background 
The 4th edition of the AASHTO LRFD Bridge Design Specifications limits the 
negative flexural capacities of steel I-girders, with yield strengths greater than 70 ksi, to 
their yield moment capacities rather than their plastic moment capacities.  This limit is 
imposed due to a lack of experimental and/or analytical evidence supporting the 
applicability of current flexural capacity equations for high performance steel (HPS).  
Furthermore, I-girders fabricated from higher strength HPS grades generally require less 
steel to resist flexural stresses than typical grade steel I-girders.  This results in HPS I-
girders with smaller moments of inertia and subsequently larger live load deflections.  
Due to this fact, HPS I-girders are more likely to exceed AASHTO live load deflection 
limits when optimized for weight. 
Live load deflection limits were first introduced at the beginning of the twentieth 
century in railroad bridges, and later in vehicular bridges, when it was determined from 
sparse experimental testing that bridges which exhibited satisfactory levels of 
serviceability maintained deflections that were less than or equal to L/800; where L is the 
span length. An additional limit of L/1000 was later adopted for bridges subject to 
pedestrian traffic, and although both limits are optional in the current specifications, they 
are still largely employed by state transportation agencies today (Barth et al. 2002).  
Current specifications not only limit flexural capacities and allowable live load 
deflections of HPS I-girders, but also affect girder economy as well.  Previous research 
has shown that hybrid I-girders utilizing 100 ksi steel may be up to 20-30 percent lighter 
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than homogeneous 70 ksi I-girders (Barth, Righman, and Wolfe 2004).  In addition to the 
obvious strength benefits, HPS also exhibits improved weldability, greater levels of 
toughness, and increased weathering resistance. To realize the cost and weight savings of 
incorporating HPS into hybrid I-girder designs, further studies must be conducted to 
merit the removal of current flexural capacity and deflection limits. 
 
1.2 Research Overview 
The focus of this research is to investigate the current impact of AASHTO 
specifications on bridges designed with HPS, specifically those employing HPS 100W.  
This is accomplished by providing an overview of past and current design specifications 
with emphasis on HPS, performing physical live load testing on a HPS bridge, and by 
conducting an analytical assessment of a HPS 100W hybrid I-girder bridge. 
Current AASHTO specifications are a resultant of significant up-to-date research, 
organizational revisions, and modified and streamlined equations (AASHTO 2009).  One 
major improvement was the development of unified design equations that are applicable 
for curved, skewed, and straight steel I-girders.  The unified equations are also more 
accurate than 2nd edition equations, which were considered to be overly conservative in 
some cases.  The 50 ksi limit, which previously determined the applicability of Appendix 
A, was also increased to 70 ksi in the current specifications; however, it is suggested that 
this limit should also be increased for steels with yield strengths up to 100 ksi. 
To ensure that HPS bridges provide adequate levels of strength and serviceability, 
several levels of field-testing may be used to evaluate structural performance and 
determine experimental load ratings.  Some of the methods described in Chapter 2 were 
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used to evaluate a bridge in Culloden, West Virginia, that utilizes HPS 100W in the 
compression flanges of negative bending regions.  Construction of the Culloden Bridge 
was completed in 2006, making it one of the first bridges in the country fabricated with 
HPS 100W hybrid I-girders.  The overall goal of the Culloden Bridge field test was to 
evaluate its strength and serviceability performance under prescribed loading conditions.  
The data obtained from the field test was later used for comparison with an independent 
design assessment of the bridge conducted with current the AASHTO specifications 
(AASHTO 2007).   
 
1.3 Thesis Organization 
This research is presented in nine chapters and three appendices.  Chapter Two 
discusses past bridge design methodologies and the most recent advancements in the 4th 
edition of the AASHTO LRFD Bridge Design Specifications (AASHTO 2007).  This 
chapter also presents six levels of field-testing that may be used to experimentally 
determine load ratings.   
Chapter Three provides an overview of current steel I-girder design procedures 
specified by AASHTO.  The loading and structural analysis procedures are outlined first, 
followed by the different limit state design equations. In addition, a summary of current 
moment and shear resistance requirements are presented for the strength, service, and 
fatigue limit states.  Lastly, the current web and flange proportional limits are outlined.   
Chapter Four provides a parametric assessment of current AASHTO 
specifications with emphasis on negative flexure equations pertaining to HPS 100W I-
girders. 
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The current design methods and equations, outlined in Chapters Three and Four, 
are applied in Chapter Five to an independent design assessment of the Culloden Bridge.  
The critical locations of the bridge, corresponding to the regions of maximum positive 
and negative bending, as well as maximum shear, were first identified for analysis.  The 
design capacities of these locations were then evaluated and compared with the force 
effects induced by strength, service, and fatigue load combinations.   
Chapter Six describes the load testing methods and procedures used to field test 
the Culloden Bridge. A description of the bridge and load test equipment is presented 
first, followed by the truck placements used during load testing.  In conclusion, the strain, 
deflection, and acceleration results are illustrated in several figures which represent a 
sample of the results.   
Chapter Seven assesses bridge serviceability from the experimental field test data.  
This includes the results obtained from the dynamic and static load tests.  The 
experimental natural frequency of the bridge was derived from accelerations recorded 
during dynamic load tests, and was compared with the results of an independent 
analytical assessment.  Lastly, the experimental live load deflections, and respective 
lateral distribution factors, were determined from the static load test results and compared 
with AASHTO predicted values.  
Experimental moments and lateral distribution factors were calculated and 
presented in Chapter 8 for interior and exterior girders.  Lastly, the experimental and 
analytical strength and service live load rating factors were calculated and compared at 
critical positive and negative bending regions of the Culloden Bridge.  
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Chapter Nine presents the results of the field test and the independent assessment 
of the Culloden Bridge utilizing current AASHTO Bridge Design Specifications.  In 
conclusion, closing remarks and a proposal of future work are presented in the final 
section of Chapter Nine. 
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Chapter 2 – Literature Review 
 
2.1 Introduction 
 This literature review will present a brief history of common design methods 
utilized in bridge engineering over the last century.  Recent advancements in research and 
bridge design will then be presented to illustrate ongoing improvements to the current 
specifications.  An overview of experimental bridge testing methods that have been 
successfully used to test several bridges in the past, including the Culloden Bridge, will 
be described to conclude this chapter.   
 
2.2 History of Design Methods 
Three distinct design methods have been utilized over the last one-hundred years.  
For most of the twentieth century, Allowable Stress Design (ASD), sometimes referred to 
as Working Stress Design, was the dominant design method used by engineers.  It was 
also very popular when designing truss and arch bridges utilizing pin-connected 
members.  Many of these bridges were statically determinate and easy to analyze because 
main load carrying members were subject only to axial forces (Tonias 1995).   
During the second half of the century, improved materials, quality control, and 
design methods were becoming available; therefore, it was determined that the 
shortcomings of ASD should be addressed.  This resulted in the introduction of Load 
Factored Design (LFD) in the 1970s, and like other new design codes, was slow to gain 
in popularity.  The two main conceptual differences between LFD and ASD were the 
introduction of limit states and the probabilistic factoring of loads.  These concepts were 
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further expanded upon with the 1986 release of Load and Resistance Factor Design 
(LRFD).  This design method not only factors loads, but also applies probabilistic 
resistance factors directly to the design capacities of structural members (Tonias 1995).  
 
2.2.1 Allowable Stress Design  
Allowable stress design (ASD) can be traced back to the 1860s when it was 
originally developed as a method for designing metallic structures.  At the time, cast iron 
was one of the most advanced materials available but was short lived and eventually 
replaced with steel.  The most common style of bridge in the late 1800s and early 1900s 
was the truss.  Although there are many different styles of trusses, most behave by the 
same fundamental principles.  Main load-carrying elements of trusses are either in 
compression or tension, and usually statically determinant.  The analysis procedures 
utilized to determine forces in truss designs are relatively simple and well suited for ASD 
(Tonias 1995). 
When designing with ASD, it is assumed that the proportional limit of a given 
material is the maximum permissible stress for that structural element.  This was a 
reasonable limit in the 1800s when bridge materials were brittle materials and did not 
have significant reserve capacities beyond their proportional limits.  In order to reduce 
the risk of failure, a factor of safety (F.S.) is applied to the design strength of a member in 
ASD.  This is accomplished by allowing only a fraction of the yield strength to be 
reached when designing for a specific set of loads.  A factor of safety can more generally 
be defined as the yield strength of a member divided by the stress induced in that member 
by loads.  The name Allowable Stress Design lends itself from the development of 
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specifications that allowed certain factors of safety for different types of structures; thus, 
permitting certain levels of allowable stress.  
Eventually, the drawbacks of ASD became evident as the understanding of 
structures progressed. Some of the shortcomings of ASD are: 
 it does not account for combination forces such as shear and moment acting over 
the same cross section, 
 it assumes that the residual stresses in member are initially zero, 
 it does not recognize the uncertainty of different loads occurring at the same 
moment in time, 
 factors of safety are only applied to the design capacities of structural members 
and not to the loads, 
 structural capacities are only based on elastic behaviors of isotropic, 
homogeneous materials, 
 it does not embody a reasonable measure of strength, and 
 selection of safety factors is subjective and does not provide any reliability in 
terms of probabilistic failure (Barker and Puckett 1997). 
 
2.2.2 Load Factor Design 
Load factor design (LFD) was first introduced in the 1970s to address the 
drawbacks of ASD.  There are several design approach differences in LFD that were 
developed as result of improved materials and a better understanding of structural 
behavior.  One of the major limiting factors of ASD was that it was confined to the yield 
strength of a given material.  However, current research had determined that there is an 
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inelastic reserve capacity beyond the yield strength of steel.  Two other new concepts 
introduced in LFD were limit state design and load factoring (Tonias 1995).   
The American Institute of Steel Construction (AISC) defines a limit state as a 
condition which represents the limit of structural usefulness.  The two limit states 
proposed in LFD were service and strength.  Within each of these limits states were 
individual checks pertaining to different design scenarios (i.e. gross section yielding and 
fracture of the net section).  The service limit state is a representation of the performance 
and behavior of the structure under normal service conditions.  The structural behaviors 
of interest at the service limit state are deflection and vibration.  The strength limit state 
ensures the safety and survival of a structure by evaluating the yield strengths, plastic 
strengths, buckling capacities, etc. (Tonias 1995). 
The development of load factors in LFD was based upon the statistical 
probabilities of different load combinations occurring at the same time.  This replaced the 
previous ASD method, which treated all loads equally and applied factors of safety 
accordingly. By introducing statistical variances into bridge design, it was then possible 
to develop probabilities of failure for a given service life.  This allowed engineers to 
predict probabilities of failure rather than assuming bridges have some arbitrary factor of 
safety (Tonias 1995).  
 
2.2.3 Load and Resistance Factor Design 
The 1st edition of Load and Resistance Factored Design for Steel Construction 
was released in 1986 with a finalized set of load factors that did not exist in the 1978 
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LFD.  The load factors in the 1978 LFD were initially unverified and research was 
completed between editions to solidify the factors prescribed in the code (Tonias 1995).   
The foremost difference between LFD and LRFD is the application of 
probabilistically developed resistance factors.  Resistance factors are usually less than 
one and are statistically based on the probability of failure for different types of forces.  
These probabilities were determined by statistically quantifying uncertainties in material 
properties, equations, workmanship, quality control, and consequences of failure.   
LRFD has several advantages including fairly uniform levels of safety and a 
rational and consistent method of design.  One downside of LRFD, however, is that it 
once again requires designers to change design philosophies and to have an understating 
of probability (Barker and Puckett 1997). 
 
2.3 Recent Advancements in the AASHTO LRFD Specifications 
The AASHTO LRFD Bridge Design Specifications have undergone several 
revisions over the last three editions.  These revisions are based on research that provides 
more functional and straightforward design procedures and equations.  The most recent 
edition of the specifications was released in 2007 with revisions in several areas of bridge 
design.  AASHTO has described the new specifications as a major step in improved 
bridge design.  Also, because the specifications provide improved bridge analysis 
procedures, it is expected to lead to bridges exhibiting superior serviceability, enhanced 
long-term maintainability, and more uniform levels of safety (AASHTO 2009). 
Earlier versions of the AASHTO specifications were considered difficult to use 
because there were a large number of design equations; each with a narrow range of 
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applicability.  This issue was resolved in the 3rd edition by unifying equations.  This 
meant that fewer equations could be applied to a broader range of designs.  In particular, 
this approach was applied to stability for all I-shapes; including composite I-sections in 
negative flexure.  Straight I-girder design procedures were also simplified in the 3rd 
edition by streamlining design equations and providing more transparent design 
procedures (White 2003).   
The contribution of the web to the compression flange local buckling (FLB) and 
lateral-torsional buckling (LTB) capacity of I-girders was somewhat inconsistent in 
previous editions of the specifications.  In older editions, the web was classified as either 
compact or non-compact.   It did not distinguish between compact, non-compact, and 
slender webs.  In addition, previous capacity equations did not distinguish between axial 
and lateral flange bending stresses.  To resolve this issue, research was done to evaluate 
the webs contribution to the buckling capacity of compression flanges.  This was 
accomplished by modeling the compression flange as a beam-column.  The results of this 
research led to the development of Eq. 2.1, which expresses strength in terms of flange 
stress computed from elastic analysis.  In Eq. 2.1 below, fbu represents the axial stress in 
the beam-column; while fl is the lateral flange bending stress in the column.  The 1/3 
term gives an accurate linear approximation of the equivalent beam-column resistance 
and unifies past equations which were different for curved and straight I-girders.   
Eq. 2.1 also predicts the discontinuities of flange compact/non-compact limits and 
destabilizing effects associated with webs in compression (Hall and Yoo 1996).   
ncflbu Fff  3
1  
 
Eq. 2.1 
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Additional research was conducted to broaden the applicability of Appendix A.  
This research showed that the current flexural capacity equations of Appendix A were 
applicable for girders with yields strengths up to 70 ksi.  A reasonable method for 
estimating the elastic first-order lateral flange bending stress was also developed for the 
new specifications by applying an amplification factor to flanges in compression.  The 
purpose of the amplification factor is to conservatively guard against large unbraced 
lengths in which second-order flange lateral bending effects are significant. 
 
2.4 Experimental Test Methods for Load Rating Bridges 
Prior to load testing a bridge, it is important to determine what types of structural 
behaviors are to be observed and recorded.  The first step is to establish the locations of 
interest to be instrumented.  The second step is tailoring the instrumentation to the types 
of structural behaviors that will be observed at those locations.  Next, a detailed load plan 
should be developed to provide adequate structural response.  Some of the factors that 
may be determined from load testing a bridge are: 
 available live load capacity, 
 impact, 
 bearing restraint forces, 
 lateral distribution of forces, 
 longitudinal distribution of forces, 
 stiffness contributions from barriers, curbs, railings, and other components,   
 actual section properties, and 
 unintentional composite action (Barker, Imhoff, McDaniel, and Fredrick 1999). 
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Six levels of testing are detailed below that may be used to experimentally load 
rate bridges.  The level of accuracy and effort required to perform each test plan increases 
incrementally with each increase in test plan number.  The amount of time and funding 
available may also play an influential role in determining which test level is best for a 
particular bridge.  There are eight adjustment factors that account for the differences 
between theoretical and experimental design values (Frederick 1998).  These eight 
adjustment factors are as follows: 
 
DAnhb
DEnhb
FRR
FRR




 
adjustment/correction of the design dead 
load vs. the actual dead load computed 
with field measured dimensions, 
E
A
I
I
 
adjustment for the experimental impact 
factor, 
T
E
M
M  
adjustment for bearing restraint force 
effects, 
E
LE
M
M  
adjustment for longitudinal redistribution 
of moment, 
E
A
DF
DF  
adjustment for the experimental 
distribution factor, 
TRK
RVW
E
LE
WL
M
M
DF
M
M

 
adjustment for curbs, parapets, and railings, 
A
ADIM
A
S
S
 
adjustment for actual section dimensions,  
ADIM
A
E
S
S  
And adjustment for unintentional 
composite action. 
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The ratio of experimental to analytical rating factor may be represented from the eight 
adjustment factors above by the following relationship: 
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Eq. 2.2 
 
The following six test plans will present how each of the eight factors is 
determined from the experimental field test data.  A more in depth presentation and 
derivation of the eight adjustment factors may also be found in Frederick (1998).  
 
2.4.1 Test Plan I 
Test Plan I may be used to determine the experimental moment capacity and 
impact factor of a slab on steel I-girder bridge by instrumenting only the most critical 
girder.  The most critical girder is determined analytically by evaluating the longitudinal 
live load location corresponding to the maximum moment induced in the bridge.  That 
location is then instrumented with a single strain gage on the center of the bottom flange 
to determine the stress induced during controlled load tests.  This test plan is the most 
basic of the six and will not result in the ability to calculate the experimental section 
modulus, lateral distribution factors, longitudinal redistribution of moments, 
contributions from railings and curbs, or the elastic moments with bearing restraint forces 
removed.   
The experimental impact factor is calculated using a single strain gage by running 
two load tests.  The first load test is conducted by statically placing the load at the 
previously determined critical longitudinal location.  The second load test is a dynamic 
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test in which the load vehicle is driven over the bridge at normal speeds.  The largest 
strains observed during both load tests are then converted to stress, and the experimental 
impact factor is calculated by the following equation: 
Static
Dynamic
EI
1
1

   Eq. 2.3 
 
The experimental moment capacity of the bridge may be calculated using either 
the analytical section modulus, calculated from the original bridge plans, or the section 
modulus calculated from measured field dimensions.  The total moment capacity is 
calculated as follows:  
SM T  1  Eq. 2.4  
Although this test plan could theoretically be used to load rate a bridge, it is not 
recommended due to the lack of testing redundancy.   
 
2.4.2 Test Plan II 
Test Plan II adds two supplementary strain gages to the previously determined 
critical girder.  The two strain gages are added at the quarter and mid points of the web in 
addition to the original strain gage placed at the middle of the bottom flange.  The 
additional gages are used to determine the strain profile of the test girder and verify the 
accuracy of the bottom flange strain.  The additional strain gages also make it possible to 
experimentally verify the section modulus and more accurately predict the total moment 
capacity of the girder (Imhoff 1998).  The experimental stress vs. depth equation is found 
by developing a numbering system similar to the one shown below in Figure 2.1.  It is 
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also convenient to set up a spreadsheet resembling Table 2.1, which will later become 
apparent when applying Imhoff’s procedure. 
 
 
Figure 2.1 Strain Gage Placement using Imhoff’s Procedure  
 
 
Table 2.1 Table Setup for Imhoff’s Procedure 
 
 
 
After the experimental stresses are obtained from the strain data, a liner regression 
analysis is used to calculate the linear stress profile of the section.  Imhoff’s procedure 
utilizes a least squares approach as shown below. 
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Eq. 2.5 
 
The only unknowns in the two equations above are the slope and intercept values 
corresponding to the location of the neutral-axis.  After solving the system of equations, 
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the slope and intercept values are applied to the basic straight-line equation yielding the 
following results:  
22 )(3
)(3
ii
iiii ddSlope 


   Eq. 2.6 
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Eq. 2.7 
 
InterceptSloped ii    Eq. 2.8  
Slope
Interceptd
Slope ii
 1   Eq. 2.9 
 
The total moment is calculated by breaking the load carrying mechanisms into 
three parts: the steel girder bending about its own neutral axis (ML), the concrete bending 
about its own neutral-axis (Mu), and the couple induced by the composite action of the 
deck and girder (N x a).  Using Eq. 2.10 and Eq. 2.11, the stresses are obtained at the 
bottom flange and centroid of the girder.  These stresses are then used to calculate the 
contributions of each load carrying mechanism to the total moment shown in Figure 2.2.  
 
 
Figure 2.2 Moment Resisting Mechanisms 
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BF    Eq. 2.10 
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SlopeCG
 1   Eq. 2.11 
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Eq. 2.13 
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2
slab
NAsteelsteelCG
dHaunchydANa    Eq. 2.14 
 
aNMMM LuT   Eq. 2.15  
 
The experimental section modulus is then found by calculating the experimental moment 
of inertia and dividing by the intercept of the stress profile. 
SlopeMI TExp  )(  Eq. 2.16  
Intercept
I
S ExpExp   
 
Eq. 2.17 
 
This test plan is more accurate than the first plan, but still lacks the experimental 
redundancy that would verify the results. However, if funding and time is limited, this 
test plan may be implemented to successfully load rate a bridge if the load and 
instrumentation placements correspond with the most critical girder and location. 
 
2.4.3 Test Plan III 
Test Plan III should produce the same load rating as Test Plan I, but additional 
gages are used to calculate the experimental lateral distribution factors.  Similar to Test 
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Plan I, a strain gage is placed on every girder at the center of the bottom flange.  The 
distribution factors are then determined using the following procedure: 
1. Develop a table that lists the bottom flange stress versus the section modulus for 
the respective section based on each critical load placement.  There should be a 
critical load placement for each girder of the bridge unless some placements 
overlap. 
Table 2.2 Bottom Flange Stress vs. Section Modulus 
 
 
 
2. Calculate the experimental distribution factor (DFE). 
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Eq. 2.18 
 
 
2.4.4 Test Plan IV 
Test Plan IV is a combination of the first three test plans in that all girders are 
gaged with three strain gages at the locations detailed in Test Plan II.  This will result in 
the same load rating as Test Plan II, but may also be used to calculate the distribution 
factors shown above.   
 
2.4.5 Test Plan V 
Test Plan V may be used to assess the restraints at pier and abutment bearings.  
The total moments are then adjusted by removing the axial bearing force effects from the 
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experimental strains observed during load testing.  To observe bearing restraint force 
effects, strain gages are placed on the bottom flanges; six inches on both sides of the 
centers of bearing at the pier, and six inches from the abutment.  Not all girders will 
behave uniformly; therefore, each girder needs to be instrumented.  The bearing force of  
an abutment is then calculated as follows: 
bfbfAForceBearing   Eq. 2.19  
The bearing restraint forces at the piers are found by calculating the differences in stress 
across the bearing supports as shown below. 
CP
A
ForceBearing bf
one
bf
two
bf  )(    Eq. 2.20 
 
 
The axial stresses in the girders, due to bearing force effects, are removed by cutting the 
bridge at the cross section of interest and summing the force effects from the piers and 
abutments to obtain the net bearing force.  The axial stress is then found as: 
composite
axial A
ForceBearingNet  
 
where: 
 
n
AAA concsteelcomposite   
 
Eq. 2.21 
 
 
 
 
 
Eq. 2.22 
 
The axial stress in each girder can then be removed from the flexural stress resulting in a 
net stress shown below. 
axialSlope
Interceptd
slope
 
2
1  
 
Eq. 2.23 
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The total moment is then calculated by the three load-carrying mechanism equations 
specified earlier with axial force effects removed.  The adjusted girder stresses are then 
calculated as: 
axial
movedAxial
Slope
Intercept  Re1   Eq. 2.24 
 
and: 
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movedAxial
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Eq. 2.25 
 
 
The bearing restraint moments may also be removed from the total moments at 
the gaged cross sections to calculate the elastic moments.  This is accomplished by first 
determining the distances to the neutral axes at the sections over the bearing (dNA).  The 
bearing restraint moments are then found by: 
NABR dForceBearingM   
 
Eq. 2.27 
 
 
The bearing restraint moment, at a cross section of interest, may be determined by 
redistributing the bearing restraint moment calculated above.  This is done by applying 
the ratio of member stiffness to joint stiffness to the moment over the bearing.  Assuming 
a constant moment of inertia in all spans, the distribution can be calculated with the 
following equation: 
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Eq. 2.28 
 
 
Once the distribution factors have been calculated, the bearing restraint moments 
at critical cross sections are found by straight-line interpolation.  For example, if testing a 
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three-span continuous bridge, bearing restraint moments will exist at the two piers.  If the 
critical section lies within the middle span of the bridge, the two bearing restraint 
moments at the piers are interpolated between. If the critical cross section lies within span 
one or three, then the pier and abutment restraint moments are used for interpolation.  In 
analytical form, this is presented as:  
2
21sec PierBRPierBRtioncritical
BR
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and: 
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Eq. 2.29 
 
 
 
 
 
Eq. 2.30 
 
 
The elastic moment at the critical cross section, with axial and bearing moment force 
effects removed, is then found as follows: 
SectionCritical
BR
movedAxial
TE MMM  Re  Eq. 2.31  
 
2.4.6 Test Plan VI 
Test plan VI may be employed to obtain all previously mentioned factors as well 
as the experimental elastic moment diagrams.  This is achieved by simultaneously 
placing strain gages on pre-determined critical-cross sections and on both sides of the 
pier bearing.  For continuous multi-span bridges, the gage placements consist of three 
gages for each negative moment cross section to determine the elastic moment previously 
defined in Test Plan V.  Gages placed in the negative bending regions over the pier 
bearings must be at least one girder depth away from the centers of bearing.  This is done 
to remove the gages from the effects of bearing stiffeners and cross-frame diaphragms at 
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the pier.  To calculate the elastic longitudinal adjustment factors, the following 
procedures are used: 
1. Calculate and plot the elastic moments for the critical sections to construct the 
moment diagram. The moments over the piers may be linearly extrapolated from 
the values obtained at one girder depth away from the piers. 
2. Calculate the statical moments as discussed in Frederick (1998): 
312 )()1( cccA MMMSTAT    Eq. 2.32 
 
312 )()1( EEEE MMMSTAT    Eq. 2.33  
 
 
 
 
 
Figure 2.3 Statical Moment Diagram 
 
 
 23
3. Calculate the elastic longitudinal adjustment moments from the following 
equation: 
2
c
A
E
LE MSTAT
STATM    Eq. 2.34 
 
This test plan removes many of the unwanted force effects within the 
experimental data.  In addition, Test Plan VI may be used to produce the most accurate 
rating of the six plans. 
 
2.4.7 Summary of Test Plans 
The adjustment factors obtained from each test plan are summarized below in 
Table 2.3.  Test Plan I is the most basic of the plans but lacks the experimental 
redundancy that verifies the strain observed in the bottom flange.  Test Plan II verifies the 
strain obtained from Test Plan I by utilizing Imhoff’s procedure, but lacks global 
redundancy.  Test Plan III employs a single gage on the bottom flange of each girder in 
order to determine lateral load distribution.  Test Plan IV may be used verify stresses and 
lateral distributions throughout all cross sections.  Test Plan V accounts for bearing 
restraint force effects and details how to remove them from the experimental data.  Test 
Plan VI encompasses all of the previous plans and may also be used to calculate the 
longitudinal distribution of moments and unintended system stiffness. 
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Table 2.3 Summary of Test Plans 
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Chapter 3 – Fundamentals of the AASHTO LRFD Bridge Design Specifications 
 
3.1 Introduction 
The LFD method was replaced in1994 with the LRFD version of AASHTO 
Bridge Design Specifications; however, significant research has been conducted since 
then to further improve upon the 1994 methods and equations.  This was achieved by 
unifying equations for a broader range of design considerations and by developing more 
accurate capacity equations.  The new equations were first presented in the 3rd edition 
(2003) of the specifications and remained mostly unchanged in the 2007 release of the 4th 
edition.  Interim revisions were made to the 4th edition in 2008 and 2009, and will be 
included in the current assessment of the specifications within this chapter. 
 
3.2 Effective Width 
The theoretical effective flange width is defined as the width of the deck in which 
the longitudinal stress is assumed to be uniformly distributed.  In reality the stress is not 
uniformly distributed and the actual stress distribution for a composite section is shown 
in Figure 3.1.  For interior girders, the effective deck width may be taken as the distance 
between girders.  For an exterior girder, this simplifies to 1/2 the interior girder spacing 
plus the overhang deck width.  
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Figure 3.1 Effective Width of a Composite Section 
 
3.3 Loads 
Bridge design loads are classified as either permanent or transient.  Permanent 
loads are always present and generally do not vary in magnitude over time.  Conversely, 
transient loads, also referred to as live loads, have the ability to act on any location of the 
structure and at varying magnitudes and times.  Both types of loads are broken up into 
their respective categories and detailed below. 
 
3.3.1 Dead Loads 
Gravitational dead loads can be broken into non-composite dead loads (DC1), and 
composite dead loads (DC2 and DW).  DC1 loads account for all superstructure materials 
exerting a force on the girders prior to the hardening of the concrete deck.  For a typical 
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slab-on-steel I-girder bridge, this will include the weights of the girders, concrete deck, 
stay-in-place forms, haunches, overhang tapers, and steel diaphragms.  These loads are 
applied to the non-composite section consisting only of the steel girders prior to the 
concrete reaching 75 percent of its compressive strength.  DC2 loads act on the composite 
section after the concrete has hardened and includes the weights of curbs, barriers, 
sidewalks, railings, etc.  DW is the weight of the future wearing surfaces and utilities also 
acting on the composite section.  DC2 and DW loads act only on the long-term composite 
section. 
Composite action may be defined as the sharing of forces between structural 
elements. Slab on steel I-girder bridges transfer forces through shear connectors placed 
along the length of the bridge.  These connectors allow the deck and girders to act as one 
composite section.  The resultant composite section has a higher section modulus than if 
the steel girder was considered by itself.  The composite section of a bridge is determined 
by transforming the area of the deck, within the effective width, into an equivalent area of 
steel by applying the modular ratio (n).  This ratio is typically 7 or 8, for normal strength 
concretes, and the short-term composite section is determined by dividing the area of the 
concrete by the modular ratio (n).  The long-term composite section is found by dividing 
the effective area of concrete by three times the modular ratio (3n).  The long-term 
modular ratio is higher because creep and cracks form within the concrete over its 
extended service life.  This reduces the load carrying contributions of the deck to the 
composite section.   
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3.3.2 Live Loads 
The design vehicular live load is applied to the short-term composite section of 
the bridge. AASHTO denotes this load as HL-93 and it is the combination of a design 
truck, or tandem, plus the design lane load.  The design truck is a 72-kip three-axle 
vehicle with an 8-kip front axle and two 32-kip rear axles.  The front axle is spaced at a 
distance of 14 ft. from the first rear axle, and the two rear axles have a variable spacing of 
14 to 30 ft.  In the transverse direction, wheels are spaced at 6 ft. on center. The second 
design live load, designated as a tandem axle load, is 50-kips and consists of two 25-kip 
axles spaced longitudinally at 4 ft.  This axle load also has a 6 ft. transverse wheel 
spacing like the design truck.  The design lane load is 640 lbs/ft. and is applied over 10 ft. 
transverse width within a 12 ft. design lane.  This load is placed only to produce 
maximum force effects and need not be continuous over the entire structure. 
 
 
Figure 3.2 HS20-44 Design Truck 
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3.3.3 Construction Loads 
  Construction loads are accounted for to protect the structure from damage and 
possible collapse during different phases of construction.  In some cases, constructability 
may control the design; therefore, it must not be neglected.  Construction loads typically 
consist of deck overhang forms, deck overhangs, screed rails, railings, walkways, and the 
finishing machine.  The weight of the deck overhangs are typically assumed to be 
distributed partially to the overhang brackets and partially to the exterior girders.  During 
construction, the deck of the bridge is cast in sequences to minimize cracking.  The 
positive dead load bending regions are cast and cured first, followed by the negative 
bending regions.  By allowing the girders to rotate over their supports prior to casting the 
negative bending regions, residual stresses within the deck are minimized.   
 
3.4 Load Combinations 
Several load combinations are utilized to statistically account for the probability 
of different load combinations occurring at the same point in time.  Each limit state has 
prescribed load factors that can be found in Tables 3.4.1-1 and 3.4.1-2 of the AASHTO 
specifications. The total factored force effects are defined by AASHTO as: 
iii QQ    Eq. 3.1  
 
3.4.1 Strength Load Combinations 
The strength limit state ensures the safety and stability of bridges undergoing 
statistically significant load combinations.  The HL-93 live load, described in Section  
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3.3.1, is applied during the strength limit state and consists of:  
 a design truck or tandem with a 33 percent dynamic load allowance, and 
 a design lane load. 
 
The Strength I load combination is used to check structural members and 
components of a bridge under normal loading conditions.  It applies load factors of 1.25, 
1.5, and 1.75 to the non composite dead loads (DC1), composite dead loads (DC2), and 
live loads (LL), respectively.  The Strength I load combination is also used to check 
construction loads with load factors of 1.25 and 1.50 applied to dead and live loads, 
respectively.  Wind loads are factored by a minimum of 1.25 and all other load factors are 
taken equal to 1.0.   
The Strength II load combination is used to check the strength of the bridge 
undergoing permit loads.  Permit loads are generally heavier and have more axles than 
the HL-93 load but are less likely; therefore, the LL factor is reduced to 1.35.  All other 
load factors are the same as the Strength I load factors with wind loads (WS and WL) 
effectively neglected.  
The Strength III load combination is used to ensure the bridge maintains adequate 
strength under an applied 55 mph wind load acting only on the structure.  Non composite 
and composite dead loads are again factored by 1.25 and 1.5, respectively.  The force 
exerted by the wind load is factored by 1.4 after the bridge has entered service and 1.25 
during construction. The composite dead load factor may also be reduced from 1.5 to 
1.25 during construction checks. 
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Generally speaking, long span bridges have higher dead-to-live load force effect 
ratios than typical bridges with span lengths less than 200 ft.  This poses a problem 
because resistance factors were calibrated by sampling smaller span bridges.  This issue 
was addressed with the Strength IV load combination by factoring all permanent loads by 
1.5.  This effectively eliminated the need for new resistance factors for longer span 
bridges.  Wind and live load force effects are also neglected in the Strength IV load 
combination; however, in some instances this load combination may control certain 
stages of construction. 
The Strength V load combination is used to check the strength of the bridge under 
55 mph winds with traffic.  It applies a 1.25 load factor to DC1, 1.5 to DC2, 1.35 to LL, 
0.4 to WS, and 1.0 to WL.  When checking construction, the load factor for DC2 may by 
reduce from1.5 to 1.25.  The strength load factors are summarized below in Table 3.2 and 
Table 3.3.  The load factors (p) listed in Table 3.4.1-2 of the AASHTO specifications 
vary for different types of loads and are presented below in Table 3.2. 
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Table 3.1 Strength Load Factors 
 
 
 
Table 3.2 Additional Load Factors 
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3.4.2 Service Load Combinations 
The service limit state is used to control cracking of concrete bridge members and 
components by checking service level stresses and deflections.  These stresses are 
primarily caused by large permanent and/or elastic deformations.  The Service I load 
combination is used to control cracks and check deflections under normal operational 
use.  All load factors are taken as 1.0 except for wind acting on the structure which has a 
load factor of 0.3.    If the owner invokes the optional live load deflection criteria 
specified in Article 2.5.2.6.2, the deflection should be taken as the larger deflection 
induced by: 
 the design truck alone, or 
 25 percent of the design truck plus the design lane load. 
 
The Service II load combination is used to evaluate web stresses to protect against 
cracking in the deck due to permanent deformations.  Flange stresses are limited to a 
percentage of their design strength to protect the web from premature yielding or 
buckling that could cause permanent deformations.  The load factors for the Service II 
load combination are 1.0 for all dead loads and 1.3 for live loads.  A summary of service 
load factors are tabulated in Table 3.3.   
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Table 3.3 Service Load Factors 
 
 
3.4.3 Fatigue Load Combination 
Fatigue damage is generally load or distortion induced and may result in cracks 
that typically form around welded and/or bolted connections.  The fatigue load 
combination is used to combat cracking by limiting the stress range produced by the 
fatigue truck over a specified design life.  The fatigue load is specified in Article 3.6.1.4.1 
as a single HS20-44 design truck with a constant rear axle spacing of 30 feet and a load 
factor of 0.75.  A survey of bridges with fatigue damage concluded that this truck 
configuration is responsible for a majority of load induced damages on highway bridges.  
At the fatigue limit state, the fatigue truck factor is 0.75 and the dynamic load allowance 
is 15 percent.      
 
3.5 Load Modifiers  
Load modification factors account for material properties, redundancies in design, 
and the structural importance.  They range from 0.95 to 1.05 and are multiplied to obtain 
a single load modification factor.  
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3.5.1 Ductility 
At the strength and extreme event limit state, it is important that the bridge show 
signs of inelastic behavior before failure.  This ensures adequate protection against brittle 
failure within structural elements and joints.  Brittle behavior is unfavorable because the 
load carrying capacity of structural members and joints are exceeded at the elastic limit.   
Ductile behavior is characterized by large inelastic deformations that provide warning 
signs of structural failure prior to reaching inelastic capacity. The ductility factor (D) is 
between 0.95 and 1.05 for the strength and extreme event limit states shown below in  
Table 3.4.  This modification factor is applied to the factored loads to obtain an ultimate 
design load. 
 
3.5.2 Redundancy 
A structural system is redundant if the failure of a member within that system 
does not cause the total collapse of the entire system.  These types of bridges should be 
implemented when possible to protect against catastrophic failure.  Structural systems 
that lack redundancies contain members which are referred to as failure-critical.  If a 
failure-critical member is loaded in excess of its ultimate capacity, the entire structural 
system fails.  The redundancy load modifiers (R) for various degrees of structural 
redundancy are presented below in Table 3.4. 
 
3.5.3 Operational Importance  
The impacts of a bridges failure on society, national security, and national defense 
is assessed when selecting the operational importance factor (I).  Each bridge must be 
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uniquely classified when choosing the importance load modifier.  Bridges that lie on 
highly traveled corridors in metropolitan areas are considered operationally important to 
travelers and commerce.  Bridges on interstate highways could potentially be used to 
maneuver military equipment and personnel; thus, have a higher operational importance.   
 
Table 3.4 Load Modifiers 
Ductility 
Non-ductile components and connections D ≥ 1.05 
Conventional designs and details D = 1.00 
Components with more ductility D ≥ 0.95 
Redundancy 
Non-redundant members R ≥ 1.05 
Conventional levels of redundancy R = 1.00 
Exceptional levels of redundancy R ≥ 0.95 
Operational Importance 
Important bridges I ≥ 1.05 
Typical bridges I = 1.00 
Relatively less important bridges I ≥ 0.95 
 
3.6 Distribution Factors 
Distribution factors are used to reduce a three-dimensional analysis into a two-
dimensional analysis referred to as a line-girder analysis.  Several equations and methods 
are outlined in Section 4.6.2.2 of the AASHTO specifications and are presented below.   
 
3.6.1 Interior Girder Distribution Factors 
Moment and shear distribution factors for interior girders are outlined in Tables 
4.6.2.2.2b-1 and 4.6.2.2.3a-1 of the AASHTO specifications.  The distribution factors for  
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moment and shear, with a single lane loaded, are as follows: 
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Eq. 3.3 
 
 
These equations are applicable for the following ranges: 
 3.5≤ S ≤ 16 (ft.) 
 4.5 ≤ ts ≤ 12.0 (in) 
 20 ≤ L ≤ 240 (ft.) 
 Nb ≥ 4 
 10,000 ≤ Kg ≤ 7,000,000 
 
When two or more design lanes are loaded the distribution factors become: 
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Eq. 3.4 
 
0.2
350.12
20.0 

 SSDFshear  
 
Eq. 3.5 
 
Multiple presence factors were included in the derivation of the approximate distribution 
factor equations; therefore, they need not be applied again.   
 
3.6.2 Exterior Girder Distribution Factors 
Moment and shear distribution factors for exterior girders are determined from 
Tables 4.6.2.2.2d-1 and 4.6.2.2.3b-1 of the AASHTO specifications. For a single lane 
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loaded, distribution factors are determined using the lever rule. The lever-rule assumes 
that the deck is simply-supported between adjacent girders and load distribution is found 
by statically summing moments about adjacent girders.  To determine the distribution 
factors for two lanes loaded, a correction factor is applied to the distribution factors found 
from the interior girder.  The correction factor is calculated as follows: 
1.9
77.0 emoment
d
e    Eq. 3.6 
 
10
6.0 eshear
d
e    Eq. 3.7 
 
 
The distribution factors above do not account for cross-frames and diaphragms; 
therefore, commentary C4.6.2.2.2d specifies a special analysis procedure.  The equation 
suggested in the commentary is an interim provision until further research can produce a 
more representative factor.  This equation is typically used for determining approximate  
load distributions on a system of piles and is as follows: 
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Eq. 3.8 
 
Multiple presence factors must be applied to the reactions obtained with this equation to 
arrive at the correct distribution factors. 
 
3.6.3 Fatigue Distribution Factors 
The fatigue limit state applies one design truck; therefore, all factors must be 
converted to equivalent single lane loaded distribution factor as specified in Article 
3.6.1.4.3b.  Distribution factors obtained from approximate equations, the lever-rule, and 
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the special analysis for interior and exterior girder are divided by the appropriate multiple 
presence factor to obtain the fatigue distribution factors. 
 
3.6.4 Live Load Deflection Distribution Factor 
When choosing to invoke the optional live load deflection criterion of the 
specifications, all lanes should be loaded to produce the maximum possible deflection.  
The short-term composite section stiffness is considered when calculating deflection.  For 
straight bridges, this is simply the composite section obtained from the effective width 
and modular ratio.  For skewed bridges, a right cross section may be used.  For curved 
and curved skewed bridges, a radial cross section should be used when determining 
composite stiffness.  Additionally, all girders are assumed to deflect equally as stated in  
Article 2.5.2.6.2.  The live load distribution factor is then found as: 
B
L
N
NmDF    Eq. 3.9 
 
 
3.7 Other Factors 
The suspension of a vehicle may become excited as it travels across a bridge; 
thus, the force it exerts on the bridge will be increased as the suspension reacts to deck 
joints, approach slabs, and other bumps in the roadway.  To compensate for this in 
design, dynamic load allowance factors, also referred to as impact factors, are applied to 
the design vehicular live loads.  The probability of multiple design loads acting on the 
bridge at the same time is also calculated and applied to the distribution factors.  These 
probability factors are referred to as multiple presence factors in the AASHTO 
specifications. 
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3.7.1 Dynamic Load Allowances 
The dynamic load allowance is applied to vehicular live loads to account for the 
excitation of the vehicle’s suspension as it drives across the bridge.  The dynamic load 
allowance is 15 percent for the fatigue limit state, 75 percent when applying loads to deck 
joints, and 33 percent for all other limit states.  This equates to impact factors of 1.15, 
1.75, and 1.33, respectively.   
 
Table 3.5 Dynamic Load Allowance, IM 
Component IM 
Deck Joints – All Limit States 75% 
All Other Components 
 Fatigue and Fracture Limit State 
 All Other Limit States 
 
15% 
33% 
 
 
3.7.2 Multiple Presence Factors 
Multiple presence factors account for the probability of several design lanes being 
loaded simultaneously.  The interior girder distribution factors already account for 
multiple presence; therefore, it is not necessary to reapply the factors.  However, the lever 
rule and special analysis method used to calculate exterior girder distribution factors do 
not account for multiple presence; therefore, it must be applied to the girder reactions 
obtained from these methods.  For the fatigue limit state, only one design lane is loaded, 
therefore, multiple presence must be removed from previously calculated distribution 
factors. 
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Table 3.6 Multiple Presence Factors 
Number 
of lanes 
loaded 
Multiple 
Presence 
Factors, m
1 1.2 
2 1.0 
3 0.85 
>3 0.65 
 
 
3.8 Summary of the 4th Edition AASHTO LRFD Specifications 
3.8.1 Strength Limit State  
The equations for positive and negative flexure, as well as shear, are presented 
below for the strength limit state.  To ensure adequate capacity over the design service 
life of a bridge, these equations must be satisfied.  If the bridge does not meet all of the 
requirements of this limit state the structural integrity of the structure may be at risk and 
should be reevaluated. 
 
3.8.1.1 Positive Flexural Capacity 
Article 6.10.6.2.2 of the AASHTO specifications classifies composite sections in 
positive flexure as compact or non-compact. Compact sections must satisfy the following 
limits: 
 minimum yield strengths of the flanges do not exceed 70 ksi. 
 web satisfies the proportional limit of: 
150
wt
D  
 
Eq. 3.10 
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 section satisfies the web slenderness limit of: 
ycw
cp
F
E
t
D
76.3
2   Eq. 3.11 
 
 
The top flange of a composite section generally meets the flange slenderness 
limits because it is continuously braced by the deck.  Compact and non-compact sections 
must also meet the ductility requirements specified in Article 6.10.7.3 of the 
specifications and are as follows: 
tp DD 42.0  Eq. 3.12  
 
3.8.1.1.1 Compact Sections 
At the strength limit state, positive flexural sections must satisfy the following 
equation:  
nfxtlu MSfM  3
1  
 
Eq. 3.13 
 
The lateral flange bending effects are effectively neglected at the strength limit state 
because the deck is assumed to resist all lateral forces; therefore, fl will be zero in the 
subsequent calculations. 
To ensure that the bridge deck does not prematurely crush before the composite 
section reaches its plastic moment capacity, Article 6.10.7.1.2 limits the distance from the 
top of the concrete to the plastic neutral axis to 10 percent of the total depth of the 
composite section.  This precaution is taken to preserve the ductility of the composite  
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section and is expressed as: 
tp DD 1.0  Eq. 3.14  
 
If the above condition is met, then the nominal flexural resistance is equal to the plastic 
moment capacity; otherwise, the nominal flexural resistance is limited to: 
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Eq. 3.15 
 
 
The nominal flexural resistance for continuous spans must also satisfy the 
following limit except when the span under consideration, and all adjacent spans, satisfies 
the requirement of Article B6.2 which is: 
yhn MRM 3.1  Eq. 3.16  
 
3.8.1.1.2 Noncompact Sections 
Noncompact sections are limited to their yield strength capacities and must satisfy 
the following: 
Compression Flange: 
 
ncfbu Ff   
 
Eq. 3.17 
 
Tension Flange: 
ntflbu Fff  3
1  
 
Eq. 3.18 
 
The nominal compression flange flexural resistance (Fnc) is calculated as follows: 
ychbnc FRRF   Eq. 3.19  
 
The web load-shedding factor (Rb) accounts for the redistribution of stress from the web 
to the compression flange during web-bend buckling.  This increase of stress in the flange 
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ultimately reduces the flexural capacity of the cross section.  The web load-shedding 
factor may be taken as 1.0 when: 
 checking constructability, 
 the section is composite, in positive flexure, and the web satisfies: 
150
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Eq. 3.20 
 
 one or more longitudinal stiffeners are provided and: 
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 or the webs satisfy: 
rw
w
c
t
D 2  Eq. 3.22 
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 45
for all sections except composite longitudinally-stiffened sections in 
positive flexure in which: 
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Eq. 3.29 
 
For composite sections, Dc shall be determined as specified in Article D6.3.1 which 
specifies: 
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Eq. 3.30 
 
The hybrid girder factor (Rh) may be taken as 1.0 for all homogeneous cross sections, and 
sections with web strengths higher than flange strengths; otherwise: 
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in which: 
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 46
3.8.1.2 Negative Flexural Capacity 
Sections in negative flexure are considered compact, or noncompact, if meeting 
the proportional limits of Article 6.10.6.2.3 which specify:  
 the specified minimum yield strengths of the flanges do not exceed 70.0 ksi. 
 the web satisfies the noncompact slenderness limit: 
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2    Eq. 3.33 
 
 
 the flanges satisfy the following ratio: 
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Eq. 3.34 
 
 
Article 6.10.8 of the AASHTO Specifications distinguishes between various 
bracing conditions when considering flange strength at the strength limit state.  Discretely 
braced flanges in compression at the strength limit state must satisfy the following 
inequality:  
ncflbu Fff  3
1  
 
Eq. 3.35 
 
Discretely braced flanges in tension at the strength limit state must satisfy the following: 
 
ntflbu Fff  3
1  
 
Eq. 3.36 
 
 
Continuously braced flanges in tension or compression at the strength limit state are 
limited to:  
yfhfbu FRf   Eq. 3.37  
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The nominal flexural resistance of the compression flange is controlled by the 
smaller of the flange local buckling (FLB) strength or the lateral-torsional buckling 
(LTB) strength specified in Articles 6.10.8.2.2 and 6.10.8.2.3., respectively.   
 
3.8.1.2.1 Flange Local Buckling  
The flange local buckling strength, detailed in Article 6.10.8.2.2 of the 
specifications, is as follows: 
If λf ≤ λpf, then: 
 
ychbnc FRRF   Eq. 3.38  
 
otherwise: 
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Eq. 3.39 
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 48
3.8.1.2.2 Lateral-Torsional Buckling  
The lateral-torsional buckling strength of a prismatic compression flange shall be 
taken as: 
If Lb ≤  Lp then: 
 
ychbnc FRRF   Eq. 3.43  
 
If Lp < Lb ≤ Lr then: 
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If Lb ≥ Lr then: 
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The moment gradient modifier (Cb) may be calculated as follows: 
 
for unbraced cantilevers and for members where fmid / f2 > 1 or f2 = 0: 
 
Cb = 1.0 
 
for all other cases: 
 
3.23.005.175.1
2
2
1
2
1 






f
f
f
fCb  
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The elastic lateral-torsional buckling stress is then found as: 
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And the effective radius of gyration for lateral-torsional buckling is found as: 
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Eq. 3.50 
 
 
3.8.1.3 Shear 
Straight and curved web panels must satisfy Article 6.10.9.1 at the strength limit 
state.  AASHTO specifications state that the maximum shear induced by the factored 
loads must be less than the nominal shear strength.  This limit is presented below as: 
nvu VV   Eq. 3.51  
 
The web panels of hybrid and non-hybrid I-girders are classified as stiffened or 
unstiffened.  Web panels are considered to be stiffened if they meet the following criteria: 
 no longitudinal stiffeners, and with transverse stiffeners, and spaced not to exceed 
3D, or 
 with one or more longitudinal stiffeners, and with transverse stiffeners, spaced not 
to exceed 1.5D 
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If webs do not meet the above requirements they are considered unstiffened.  The 
nominal shear strength is then determined with Article 6.10.9.2 of the AASHTO 
specifications as: 
pcrn CVVV   Eq. 3.52  
where: 
 
wywp DtFV 58.0  Eq. 3.53  
 
The value of C is then determined using AASHTO equations 6.10.9.3.2-4, 6.10.9.3.2-5, 
or 6.10.9.3.2-6, as follows: 
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Transversely and longitudinally-stiffened webs, as well as sections that are only 
transversely stiffened, are separated into categories of interior panels and end panels.  
Interior web panels must be proportioned such that: 
  5.22  ftftfcfc w tbtb
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Eq. 3.59 
 
The shear resistance is then found as: 
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Eq. 3.60 
 
 
The nominal resistance of an end web panel is equivalent to that of an un-stiffened web 
presented earlier.   
 
3.8.2 Constructability 
During construction, the yielding of main load carrying members is not permitted 
except in the webs of hybrid girders.  The proper construction load factors are specified 
in Article 3.4.2 of the AASHTO specifications and are applied to construction loads 
when checking flange nominal yielding, flexural resistance, and web-bend buckling.  
Discretely braced compression flanges must satisfy the following limits: 
Nominal Flange Yielding: 
 
ychflbu FRff   Eq. 3.61  
Flexural Resistance: 
 
ncflbu Fff  3
1
  
 
 
Eq. 3.62 
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Web Bend-Buckling: 
 
crwfbu Ff   Eq. 3.63  
where: 
 
ytl Ff 6.0  Eq. 3.64  
 
Discretely and continuously braced tension flanges must also satisfy the following 
requirements for critical stages of construction:  
Discretely Braced Tension Flanges: 
 
ythflbu FRff   Eq. 3.65  
Continuously Braced Tension and Compression Flanges: 
 
yfhfbu FRf   Eq. 3.66  
 
3.8.3 Service Limit State 
The Service limit state is employed to preserve the bridge deck such that 
acceptable levels of rideability and minimal deck deterioration are present over a useful 
service life.  Decks which are subject to loads that cause permanent deformations and/or 
cracks will have a reduced service life and may rapidly deteriorate once damage is 
incurred.  To protect the deck from premature failure, web yielding and bend-buckling 
capacities are checked at the Service II load combination.  The owner of the bridge may 
also choose to limit elastic deflections to ensure that excessive deformations do not 
damage the bridge. 
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3.8.3.1 Permanent Deformations 
At the Service II limit state, lateral flange bending effects are applied to the top 
and bottom flanges.  The Service II load combination is applied to the short-term or long-
term composite section, as appropriate, assuming the deck is fully effective for both 
positive and negative flexure.  The stress is then found based on the composite section 
and earlier specified load factors.  Flanges must satisfy the equations below to ensure 
premature web yielding and bend-buckling do not occur prior to flange strength 
development. 
Top Flange of Composite Sections: 
 
yfhf FRf 95.0  Eq. 3.67  
Bottom Flange of Composite Sections: 
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l
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   Eq. 3.68 
 
Both Flanges of Composite Sections: 
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l
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   Eq. 3.69 
 
3.8.3.2 Elastic Deformations 
Live load deflection limits are optional in the 4th edition of the AASHTO 
specifications; however, suggested limits are presented in Article 2.5.2.6.  If deflection is 
checked, it shall be taken as the largest deflection induced by: 
 the design truck plus impact, or 
 25 percent of the design truck with impact plus the design lane load. 
 
 54
When evaluating live load deflection, all girders are assumed to deflect equally and all 
design lanes are to be loaded.  The short-term composite section, along with any 
structurally continuous portions of the bridge, may be included in the total stiffness of the 
structure when determining deflection.  The suggested deflection limits from Article 
2.5.2.6.2 of the specifications are as follows: 
 
Table 3.7 Live load Deflection Limits 
Vehicular loads only: Span/800 
 
Eq. 3.70 
Vehicular and/or pedestrian loads: Span/1000 
 
Eq. 3.71 
Vehicular loads on cantilever arms: Span/300 
 
Eq. 3.72 
 
Vehicular and/or pedestrian loads on 
cantilever arms: Span/375 
 
Eq. 3.73 
 
 
3.8.3.3 Web Requirements 
Web bend-buckling may cause accelerated deck deterioration and possible rupture 
due to plastic deformations.  To ensure that webs have adequate web bend-buckling 
capacities, the following equation must be satisfied for the Service II load combination.   
crwc Ff   Eq. 3.74  
where: 
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Eq. 3.75 
 
Composite sections in positive flexure, and proportioned such that D/tw ≤150, need not be 
checked for web bend-buckling. 
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3.8.4 Fatigue and Fracture Limit State 
Fatigue is specified in AASHTO as load-induced or distortion-induced, and is 
outlined in Articles 6.6.1.2 and 6.6.1.3, respectively.  Restrictions are placed on certain 
connection details which are described and illustrated in Table 6.6.1.2.3-1, Table 
6.6.1.2.3-2, and Figure 6.6.1.2.3-1. The fatigue limit state is based on design life and 
limits the live load stress ranges of details to prevent crack growth.   
 
3.8.4.1 Load Induced Fatigue  
The live load stress range may be computed for flexural members, with shear 
connectors provided throughout their length, by using the short-term composite section 
assuming that the concrete deck is effective in both positive and negative bending.  
Residual stresses are not considered when determining stress ranges and these provisions 
shall be applied only to details subjected to a net applied tensile stress. In regions where 
permanent loads produce compression, fatigue shall be considered only if the 
compressive stress is less than twice the maximum tensile live load stress resulting from 
the fatigue load combination specified in Table 3.4.1-1.  For load-induced fatigue 
considerations, each detail shall satisfy the following: 
   nFf   Eq. 3.76  
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Eq. 3.77 
 
 
in which: 
      SLADTTnN 75365  Eq. 3.78  
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3.8.4.2 Distortion Induced Fatigue 
Article 6.6.1.3 outlines several detail requirements that are used to satisfy 
distortion-induced fatigue.  These connection details are outlined such that sufficient load 
paths exist to transmit all intended and unintended forces through transverse, lateral, and 
longitudinal members.  The load paths shall be provided by either welding or bolting to 
the compression and tension flanges of the cross section where: 
 connecting cross-frames or diaphragms are attached to transverse connection 
plates or to transverse stiffeners functioning as connection plates, 
 internal or external cross-frames or diaphragms are attached to transverse 
connection plates or to transverse stiffeners functioning as connection plates, or 
 floor beams are attached to transverse connection plates or to transverse stiffeners 
functioning as connection plates.  
 
In the absence of better information, the welded, or bolted connection, should be 
designed to resist a 20.0-kip lateral load for straight, non-skewed bridges.  To control 
buckling and elastic flexing of the web, the provision of Article 6.10.5.3 specifies that: 
cru VV   Eq. 3.79  
 
3.8.4.3 Fracture 
Primary longitudinal members subject to tension forces under the strength limit 
states are required by Article 6.6.2 to meet Charpy V-notch toughness requirements.  
Structural members that are considered to be fracture-critical must also meet Charpy V-
notch requirements.  Several temperature zones are specified in Table 6.6.2-1 in which 
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applicable minimum service temperatures are listed.  Table 6.6.2-2 of the specifications 
presents the corresponding fracture toughness requirements.  
 
3.8.5 Cross Section Proportions 
Several cross section proportional limits were developed from many years of 
construction and fabrication experience and are outlined in Article 6.10.2 of the 
specifications.  These limits are designed to restrict any pre-service damage to 
components of the bridge superstructure. They were also developed as precautionary 
measures to safeguard against damage during handling, distortion due to welding, and 
adverse structural behavior. 
 
3.8.5.1 Web Proportions 
Girders with large profiles and thin webs are hard to handle during construction.  
To address this issue, Articles 6.10.2.1.1 and 6.10.2.1.2 limit the girder depth to thickness 
ratio to: 
Without Longitudinal Stiffeners: 
 
150
wt
D
 
 
Eq. 3.80 
 
 
With Longitudinal Stiffeners: 
 
300
wt
D
 
 
Eq. 3.81 
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3.8.5.2 Flange Proportions 
Article 6.10.2.2 specifies that compression and tension flanges shall be 
proportioned such that: 
12
2

f
f
t
b
 
 
Eq. 3.82 
 
6/Db f   Eq. 3.83  
wf tt 1.1  Eq. 3.84  
101.0 
yt
yc
I
I
 
 
Eq. 3.85 
 
 
The following justifications are made for each of the flange proportion limits: 
 Eq. 3.82 ensures that excessive distortion will not take place when the flange is 
welded to the web. 
 Eq. 3.83 ensures that webs can develop post buckling shear resistance due to 
tension field action. 
 Eq. 3.84 requires the flange thickness to be 10 percent larger than the web 
thickness to ensure that the flange will be able to resist web shear buckling. 
 Eq. 3.85 ensures that the section does not behave like a T-section and increases 
handleability during construction.   
 
3.8.6 Additional Considerations 
The 4th edition AASHTO LRFD Bridge Design Specifications was considered for 
strength, service, and fatigue limits states, but was limited to the applicable scope of this 
research.  Several other important sections of the specifications, such as Appendices B,C, 
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and D must also be investigated to fully address I-girder superstructure design.  
Additional design consideration must also be made for shear connectors, transverse 
stiffeners, bearings, diaphragms, deck design, etc. 
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Table 3.8 Equation Legend 
Chapter 3 
Equation 
AASHTO 4th Ed. 
Equation 
Eq. 3.1 1.3.2.1-1 
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Chapter 4 – Parametric Assessment of AASHTO Specifications for HPS 100W  
 
4.1 Introduction 
The 4th edition of the AASHTO specifications currently limits steel I-girders, with 
yield strengths greater then 70 ksi, to their respective yield moment capacities instead of 
their plastic moment capacities (AASHTO 2008).  In doing so, economical HPS 100W 
steel I-girders cannot be realized because they are not applicable in Appendix A.  The 
focus of this chapter is to evaluate the current design specifications that are applicable for 
HPS 100W Hybrid I-girders, as well as those in Appendix A which are currently not 
applicable, to determine if the current limits may safely be removed.   
In previous editions of the AASHTO specifications, 50 ksi was the limit that 
governed the applicability of the plastic moment equations.  When HPS 70W became 
readily available in 1994, it faced the same problems that HPS 100W encounters today.  
At the time, a limited amount of experimental and analytical data was available for HPS 
70W; therefore, the structural behavior was unverified and excluded from Appendix A.  
Experimental and analytical tests were performed by Barth et al. (2000), Fahnstock and  
Sause (2001), and Yakel et al. (2002) which determined that compact sections 
incorporating HPS 70W  were capable of reaching their plastic moment capacities.  
Additional work was done by Fahnstock and Sause (2001) to determine the applicability 
of  1st and 2nd edition negative flexural capacity equations for homogeneous HPS 100W I-
girders in negative flexure.  However, only two homogenous HPS 100W I-girders were 
experimentally tested; therefore, additional experiments and analytical assessments are 
necessary to reinforce the findings of Fahnstock and Sause.   
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4.2 Background 
High strength steels are generally considered to be less ductile than lower grade 
steels.  The ability of a material to deform plastically, prior to reaching its rupture 
strength, is dependent upon the yield ratio of that material (YR). The yield ratio can be 
defined as the ratio of a material’s yield strength to its ultimate strength.  It is also a good 
representation of a material’s ductility.  A low yield ratio indicates a high level of 
ductility, while a yield ratio approaching 1.00 indicates a brittle material.  Grade 50 steel 
has a YR = 0.77 and deforms plastically after it surpasses its yield strength.  This is a 
desirable material trait for bridges because it provides warning signs prior to catastrophic 
failure.  One of the major concerns associated with HPS 100W is that it has a YR = 0.90.  
Materials with yield ratios closer to 1.00 exhibit brittle behavior and are more likely to 
fracture, without warning, than plastically deform (Barth et al. 2007). 
Research was conducted by Fahnstock and Sause (2001) to determine if the 1st 
and 2nd editions of the AASHTO specifications could accurately predict design capacities 
of homogeneous HPS 100W I-girders.  However, the scope of this research was limited 
to only a compact girder, and a girder with compact flanges and a noncompact web.  The 
compact girder was able to reach its plastic moment capacity, while the girder with 
compact flanges and a noncompact web came within 3 percent of its design flexural 
capacity (Barth et al. 2007).  Further research is necessary to verify that 4th Edition 
equations are capable of predicting the flexural capacities of sections fabricated with HPS 
100W. 
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4.3 Negative Flexural Capacity of HPS 100W I-Girders at the Strength Limit State 
4.3.1 Introduction 
High strength steels are commonly incorporated into hybrid girder designs at 
regions of high stress.  In continuous span bridges, regions of high stress are generally 
located in the compression flanges of negative bending regions over piers.  The 4th 
edition of the specifications outlines two separate design methods for determining the 
negative flexural capacities of steel I-girders.  The first method is found in Article 6.10.8 
which limits the flexural capacity of the negative bending section to the yield moment.  
The second method is found in Appendix A, which allows I-girders with compact and 
noncompact webs to utilize their inelastic capacities (AASHTO 2008). 
 
4.3.2 Negative Flexural Capacity per Article 6.10.8 
HPS 100W violates the first provision of Appendix A; therefore, all HPS 100W 
bridges must currently be designed with the provisions of Article 6.10.8, which limits the 
negative flexural capacity to the yield moment.  At the strength limit state, discretely 
braced flanges in compression must meet the following: 
ncflbu Fff  3
1  
 
Eq. 4.1 
 
Discretely braced flanges in tension at the strength limit state must satisfy the following: 
ntflbu Fff  3
1  
 
Eq. 4.2 
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Continuously braced flanges in tension or compression, at the strength limit state, must 
also satisfy:  
yfhfbu FRf   Eq. 4.3 
 
The nominal flexural resistance, governed by the compression flange, is the smaller of 
the flange local buckling (FLB) strength, or the lateral-torsional buckling (LTB) strength 
specified in Articles 6.10.8.2.2 and 6.10.8.2.3., respectively.  The flange local buckling 
strength, detailed in Article 6.10.8.2.2 of the specifications, is as follows: 
If λf ≤ λpf : 
ychbnc FRRF   Eq. 4.4 
otherwise: 
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Eq. 4.5 
 
in which: 
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   Eq. 4.6 
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pf F
E38.0   Eq. 4.7 
yr
rf F
E56.0  
 
Eq. 4.8 
 
The lateral-torsional buckling strength of prismatic compression flanges, detailed in 
Article 6.10.8.2.3 of the specifications, shall be taken as: 
If Lb ≤ Lp: 
 
ychbnc FRRF   Eq. 4.9 
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If Lp< Lb ≤Lr: 
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Eq. 4.10 
If Lb ≥ Lr: 
 
ychbcrnc FRRFF   Eq. 4.11 
in which: 
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Eq. 4.12 
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ErL   
 
Eq. 4.13 
The moment gradient modifier (Cb) may be calculated as follows: 
for  unbraced cantilevers and for members where fmid / f2 > 1 or f2 = 0: 
 
Cb = 1.0 
 
for all other cases: 
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 Eq. 4.14 
 
 
The elastic lateral-torsional buckling stress is then found as: 
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The effective radius of gyration for lateral-torsional buckling is then found as follows: 
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Eq. 4.16 
 
 
4.3.3 Negative Flexural Capacity per Appendix A 
Appendix A may be utilized for straight I-girder bridges if they are proportioned 
such that: 
 the specified minimum yield strengths of the flanges do not exceed 70.0 ksi, 
 the web satisfies the noncompact slenderness limit: 
ycw
c
F
E
t
D
7.5
2   
 
Eq. 4.17 
 
 
 the flanges satisfy the following ratio: 
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Eq. 4.18 
 
Sections with discretely braced compression flanges at the strength limit state must meet 
the following: 
ncfxclu MSfM  3
1
 
     
Eq. 4.19    
 
Sections with discretely braced tension flanges at the strength limit state must meet the 
following: 
ntfxtlu MSfM  3
1
 
 
Eq. 4.20    
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Sections with continuously braced compression flanges at the strength limit state must 
meet the following: 
ycpcfu MRM   Eq. 4.21     
Sections with continuously braced tension flanges at the strength limit state must meet 
the following: 
ytptfu MRM   Eq. 4.22     
Appendix A differentiates between compact and noncompact web sections when 
evaluating the web plastification factors. For webs to be classified as compact, they must 
meet the following: 
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Eq. 4.24    
 
and: 
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Eq. 4.25    
 
 
The web plastification factors for compact webs are then found by: 
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Eq. 4.26    
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Eq. 4.27    
 
Webs that do not satisfy the requirements for compactness, but may still be classified as 
noncompact, must satisfy the following: 
rww    Eq. 4.28     
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Eq. 4.29    
 
 
and: 
 
yc
rw F
E7.5  
 
 
 
 
 
Eq. 4.30    
 
 
The web plastification factors for noncompact webs are then found by: 
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Eq. 4.31    
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Eq. 4.32    
 
where: 
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Eq. 4.33    
 
 
Similar to Article 6.10.8 of the specifications, Appendix A limits the nominal flexural 
capacity to either the flange local buckling (FLB) capacity or lateral-torsional buckling 
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(LTB) capacity.  The flexural capacity based on the flange local buckling capacity is as 
follows: 
If λf  ≤ λpf  then: 
 
ycpcnc MRM   Eq. 4.34     
otherwise: 
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Eq. 4.35    
 
 
in which: 
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for built-up sections: 
 
w
c
t
D
k 4       0.35 ≤  kc  ≤ 0.76  Eq. 4.39    
 
for rolled shapes: 
 
kc = 0.76 
 
 
The lateral-torsional buckling capacity, for prismatic lengths, shall be taken as: 
 
If Lb ≤ Lp: 
 
ycpcnc MRM   Eq. 4.40     
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If Lp < Lb ≤ Lr: 
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Eq. 4.41    
 
 
If Lb > Lr: 
 
ycpcxccrnc MRSFM   Eq. 4.42     
where: 
 
 22
2
/078.01 tb
xc
t
b
b
cr rLhS
J
r
L
ECF 



    Eq. 4.43    
 
 
and if Mmid / M2  >1, or M2 =0 :  
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for all other cases: 
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Eq. 4.47 
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Sections with flange transitions within their unbraced lengths may be analyzed 
using the smallest section properties within the unbraced length.  This will result in a 
conservative LTB capacity; however, a more refined approach may be adopted which 
utilizes the weighted average of the section properties to more accurately model the 
stiffness of the member.  If a flange transition takes place at a distance less than 20 
percent of the unbraced length away from a brace point with the smaller moment, then 
the member may be treated as prismatic; however, if the flange transition lies outside this 
length, one of the methods mentioned above must be used to determine LTB capacity.  
Lastly, the nominal tension flange capacity is specified in Appendix A as follows: 
ytptnt MRM   Eq. 4.48     
 
4.4 Parametric Study of HPS 100W I-Girders with Finite Element Analysis 
4.4.1 Introduction 
Three-dimensional finite element analysis (FEA) was performed for a suite of 
hybrid girders with 100 ksi flanges and 70 ksi webs by Barth, Righman, and Wolfe 
(2007).  The results of the analysis were compared with the predicted moment capacities 
from the 2nd and 3rd editions of the AASHTO specifications.   
 
4.4.2 Parametric Variances 
Several parameters were varied in order to produce a matrix of theoretical girders 
that could be used to determine the applicability of the AASHTO specifications (Barth et 
al. 2007).  The parameters varied were web slenderness, flange slenderness, lateral 
bracing, and percentage of web depth in compression.  The 3rd edition of the 
specifications has two sets of equations for determining the negative flexure capacity.  
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The first set of equations is presented in Article 6.10.8.  The second set is presented in 
Appendix A (Barth et al. 2007).  Girders were designed to target key web slenderness 
values embedded within the two sets equations.  All girders had a constant span-to-depth 
ratio of 30, cross section aspect ratio of 4, HPS 70W webs, and HPS 100W flanges.  
Shear resistance was provided by transverse stiffeners for sections that were found to be 
insufficient (Barth et al. 2007). 
 
4.4.2.1 Web Slenderness 
Web slenderness values were varied to target the applicability of specific moment 
capacity equations within the specifications.  The compact limit of Appendix A was 
targeted first.  Girders that meet the requirements of a compact section can theoretically 
reach their plastic moment capacities. The second limit targeted was the noncompact 
limit, which is the minimum slenderness limit for the applicability of Appendix A 
equations.  Sections that meet this requirement, but not the compact limit, have capacities 
greater than the yield moment, but less than the plastic moment.  Several girders were 
also designed to target the maximum allowable web slenderness permitted by Section 
6.10.2.  The last targeted web slenderness was an intermediate value used to evaluate the 
strength prediction equations between limits (Barth et al. 2007). 
 
4.4.2.2 Flange Slenderness  
Flange slenderness values were varied to correspond to the compact and 
noncompact limits of Article 6.10.8, and the noncompact limit of Appendix A.  The 
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compact limits are the same for Article 6.10.8 and Appendix A; however, the 
noncompact limit is different in Appendix A (Barth et al. 2007). 
 
4.4.2.3 Lateral Bracing  
Lateral brace lengths greatly affect the lateral-torsional buckling capacities of the 
girders.  Much like the flanges, Appendix A and Article 6.10.8 also define brace lengths 
as compact or noncompact.  These limits vary depending on which of the above sections 
the LTB capacity is being determined (Barth et al. 2007).   
 
4.4.2.4 Depth of Web in Compression 
The ratio of web depth in compression to total web depth (Dcp/D) has been shown 
to affect the behavior of I-girders; therefore, two key values were used to examine the 
effects of this phenomenon.  The two values selected were 0.50, which represents a 
doubly symmetric section, and 0.65, which is a typical upper range value found in 
practical girder designs (Barth et al. 2007). 
 
4.4.3 Finite Element Analysis Procedure 
The finite element analysis of HPS hybrid I-girders was accomplished by 
modeling the girders in three-point bending.  The models were assumed to be simply- 
supported at the points of contraflexure. These points were located at a distance 0.20 L 
away from the supports. The support reaction was treated as a concentrated load at the 
midpoint of the modeled girder and was used to develop that maximum bending capacity 
(Barth et al. 2007). 
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ABAQUS has non-linear capabilities; therefore, nonlinear material properties of 
100 ksi steel were used in the models.  These material properties were determined from 
experimental values obtained at Lehigh University. They were: 
 Young’s Modulus = 29,000 ksi 
 Yield Ratio = 0.91 
 Strain Hardening Modulus = 93.7 ksi 
 
The 70 ksi web properties were modeled with values obtained from experimental tests 
done by the FHWA.  These values were: 
 Young’s Modulus = 29,000 ksi 
 Yield Ratio = 0.83 
 Strain Hardening Modulus = 72 ksi 
 
Residual stresses and geometric imperfections, within mill tolerances, were also 
incorporated into the model (Barth et al. 2007). 
 
4.4.4 Results of Study 
The negative bending capacity equations of the 2nd and 3rd editions of the 
AASHTO specifications were reasonably close or exceeded by all of the girders modeled 
in ABAQUS.  Flexural capacity ratios were determined from the moment capacities 
predicted with the 2nd and 3rd editions of the specifications with respect to the FEA 
predicted capacities.  These were denoted as Mn2nd/MFEA, and Mn3nd/MFEA, respectively 
(Barth et al. 2007). 
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The average flexural capacity ratio, determined with 3rd edition equations, was 
0.88; with a high of 1.03 and a low of 0.76. Therefore, the 3rd edition equations were 
found to under-predict the flexural capacity of HPS hybrid girders by an average of 12 
percent. A small percentage of FEA girders did not reach their predicted flexural 
capacities, but were within 3 percent.  The girders that did not meet the predicted moment 
capacities had noncompact lateral brace lengths; and many had compact compression 
flanges.  The girders which were found to be the most underestimated by 3rd edition 
equations had slender brace lengths. These girders exceeded capacity by an average of 18 
percent (Barth et al. 2007). 
The average flexural capacity ratio, determined with the 2nd edition capacity 
equations, was 0.71; 17 percent lower than the average computed using the 3rd edition 
equations.  The maximum and minimum reported ratios were 0.99 and 0.37, respectively. 
Under some circumstances, the 2nd edition equations were found to drastically 
underestimate bending capacity. A large percentage of underestimated girders had 
noncompact compression flanges and compact or noncompact lateral bracing lengths.  
The average bending capacity ratio for girders meeting this criterion was 0.46; 54 percent 
lower than predicted by AASHTO (Barth et al. 2007).     
 
4.5 Summary and Conclusions  
The 4th edition of the AASHTO specifications limits the negative bending 
moment capacities of HPS 100W I-girders to their yield moments instead of their plastic 
moments.  The negative bending moment capacity equations of the 3rd edition were 
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unchanged in the 4th edition; therefore, any conclusions made from the 3rd edition may be 
applied to the current specifications.   
The moment capacities resulting from the FEA of each girder met or exceeded the 
capacities predicted with the equations provided in the 3rd edition of the AASHTO 
specifications.  In most cases, the 3rd edition flexural capacities were found to be 
accurate, yet conservative assessments of the FEA flexural capacities; thus, the limit 
placed on the yield strength of HPS 100W can safely removed in the 4th edition of the 
AASHTO specifications (Barth et al. 2007). 
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Chapter 5 - Culloden Bridge Design Assessment 
 
5.1 Geometry and Section Properties 
The span configurations and structural layout of the Culloden Bridge are outlined 
below in the subsequent sections.  They were obtained from the as-built plans provided 
by the West Virginia Department of Highways in Charleston, West Virginia. 
 
5.1.1 Span Configuration 
The Culloden Bridge consists of three continuous spans (54 ft., 80 ft., 54 ft.) with 
integral abutments and elastomeric bearing pads at interior supports. There were several 
site constrictions related to the bridge’s proximity to the railroad, and governed by CSX, 
that affected the layout of the bridge. Two requirements were wall piers and a minimum 
vertical clearance of 23 ft. between the top of the railroad tracks and the bottom of the 
girders in the middle span.  Wall piers were chosen because CSX requires pier locations 
that fall within 25 ft. of track centerlines to be designed and reinforced against collision.  
This can be accomplished by either independently constructing crash walls around piers 
or by designing piers that meet CSX heavy construction standards.  In the case of the 
Culloden Bridge, 3 ft. thick and 54 ft. long wall piers were selected to resist collision 
forces.   
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Figure 5.1 Culloden Bridge Span Configuration 
 
5.1.2 Typical Cross Section 
A typical cross section of the Culloden Bridge is shown below.  There are two 12- 
ft. traffic lanes and two shoulders measuring 8 ft. and 15 ft - 11 in.  The north and south 
overhangs of the bridge incorporate continuous barriers and railings.  The northern 
overhang also supports an additional 8 in. by 5 ft. sidewalk.  The total deck thickness is 8 
in. and includes a ¼ in. integral wearing surface and overhangs of 3.5 ft.  The girders are 
spaced at 8 ft. intervals and the total clear roadway width is 47 ft. – 11 in. This clear 
roadway width will conservatively be rounded up to 48 ft.; therefore, all subsequent 
calculations are based upon 4 design lanes of traffic.   
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Figure 5.2 Typical Cross Section of the Culloden Bridge 
 
5.1.3 Framing Plan 
The framing plan, shown in Figure 5.3 and Figure 5.4, illustrates the locations of 
the intermediate and pier diaphragms.  The plan is not symmetric about the bridge 
longitudinal centerline; therefore, the framing plan is illustrated below by cutting the 
bridge at the longitudinal centerline. 
 
Figure 5.3 Framing Plan for Span 1 & 2 
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Figure 5.4 Framing Plan for Span 2 & 3 
 
5.1.4 Girder Details 
Three girder section sizes were used to resist bending stresses at critical positive 
and negative bending regions of the bridge.  The first cross section is located in the 
positive bending regions of the first and third spans. The second cross section is located 
in the negative bending regions over the piers.  The third cross section is in the positive 
bending region of the second span.  This section is spliced to the second cross section 
with gusset plates and high strength bolts.  The flange and web geometries of the exterior 
and interior girders, as well as their respective yield strengths, are shown below in Figure 
5.5 and Figure 5.6.  Each girder is proportioned symmetrically about the longitudinal 
centerline of the bridge; thus, only half of each girder is illustrated below.   
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Figure 5.5 I-Girder Section Sizes for Exterior Girders 
 
 
 
Figure 5.6 I-Girder Section Sizes for Interior Girders 
 
5.2 Cross Section Proportions 
The AASHTO specifications limit several I-girder proportions based on 
fabrication, construction, and design experience. The girder proportions of the Culloden 
Bridge were checked against the AASHTO limits and are presented below.   
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5.2.1 Span to Depth Ratio 
Span-to-depth ratios are optional in the current AASHTO specifications; 
therefore, it is generally up to the owner of the bridge to invoke the criterion of Article 
2.5.2.6.3.  The Culloden Bridge is a three-span continuous bridge; therefore, the 
minimum suggested girder depth is 0.027L. 
Span 1: inftft 5.17458.154027.0   Eq. 5.1 
 
Span 2: inftft 9.2516.280027.0   Eq. 5.2 
 
 
The Culloden Bridge has a minimum I-girder depth of 27.75 inches; therefore, all girder 
cross sections meet the suggested span-to-depth ratio.  
 
5.2.2 Web Proportions 
The Culloden Bridge does not have longitudinal stiffeners; thus, the suggested 
minimum web thickness is: 
150
wt
D
 
 
15074
375.0
75.27 
in
in
   Limit Satisfied 
 
Eq. 5.3 
 
 
The Culloden Bridge satisfies the above limit; however, the National Steel Bridge 
Alliance (NSBA) recommends a minimum web thickness of 0.4375 in.; with 0.50 in. 
preferred.  This thickness is recommended to ensure that web bend-buckling is not a 
problem at the Service limit state. 
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5.2.3 Flange Proportions 
Article 6.10.2.2 specifies that compression and tension flanges shall be 
proportioned such that: 
12
2

f
f
t
b
 
 
Eq. 5.4 
 
 
6/Db f   
 
Eq. 5.5 
wf tt 1.1  
 
Eq. 5.6 
 
101.0 
yt
yc
I
I
 
 
Eq. 5.7 
 
85/Lb fc   
 
Eq. 5.8 
 
 
Based on the parameters of the above equations, the most critical cross section 
dimensions for each proportions check were chosen from interior or exterior girders. 
 in
in
t
b
f
f
875.02
11
2
  
 
inin 1281.4     Limit Satisfied 
 
6
75.276/ inD   
 
inin 11625.4     Limit Satisfied 
 
      inintt wf 4125.0375.01.11.1min   
 
inin 4125.0875.0     Limit Satisfied 
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 
  917.012875.0
11875.0
3
3

inin
inin
I
I
yt
yc  
 
10917.01.0      Limit Satisfied 
 
  
85
/1275.6985/ ftinftL   
 
inin 11847.9    Limit Satisfied 
 
5.3 Loads 
The loads applicable in this design evaluation were superstructure dead loads and 
vehicular live loads.  Water, wind, ice, earthquake, earth pressure, temperature, friction, 
collision, and blast loadings were not considered in this design assessment. 
 
5.3.1 Dead Loads 
The dead loads applied in superstructure design are denoted as DC1, DC2, and 
DW; as previously specified in Chapter 3.  DC1 is determined by estimating the weights 
of the materials acting on the non-composite I-girders.  This includes the weights of the 
girders, deck, haunches, overhang tapers, and a 5 percent increase in steel that accounts 
for miscellaneous details and diaphragms. The unit weights of steel and concrete were 
assumed to be 490 lbs/ft.3 and 150 lbs/ft.3.  The stay-in-place (SIP) forms were also 
assumed to be 15 lbs/ft2. 
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 Table 5.1 Exterior Girder DC1 Loads 
 
 
Table 5.2 Interior Girder DC1 Loads 
 
 
The DC2 loads act on the long-term composite section in which it is assumed that 
the concrete has hardened and acts compositely with the girders.  The DC2 loads include 
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the weights of curbs, barriers, sidewalks, and railings.  The total DC2 load is assumed to 
be evenly distributed to all girders, and for the Culloden Bridge, is comprised of a 
sidewalk and two-Type F Barriers with a unit weight of 305 lbs/ft.  The Culloden Bridge 
also incorporates continuous railings; however, their weights were considered to be 
negligible for this design assessment. 
 
Table 5.3 DC2 Loads 
 
 
 
The DW loads include the weights of the future wearing surfaces (FWS) and the 
utilities acting on the long-term composite section.  The FWS was assumed to be 25 
lbs/ft.2 and was equally distributed to all girders. 
 
Table 5.4 DW Loads  
 
 
5.3.2 Live Loads 
The AASHTO specified live loads were applied to the short-term composite 
sections using the analysis program CONSYS™ to produce influence lines and develop 
force envelopes.  The CONSYS load library conveniently contains all of the current 
AASHTO design loads that may be applied individually, or in combinations specified by  
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 limit state. The following loads were applied to develop live load force envelopes: 
 HS20-44 truck 
 lane load 
 tandem 
 double truck 
 double tandem 
 special negative bending load combinations 
 live load deflection combination 
o design truck plus impact, or 
o 25 percent of the design truck plus impact taken together with the design 
lane load. 
 
5.4 Structural Analysis  
Approximate analysis methods, described in Section 4 of the AASHTO 
specifications, were utilized in the design evaluation of the Culloden Bridge.  A line-
girder analysis was performed by applying lateral live load distribution factors to produce 
shear, moment, and deflection envelopes. 
 
5.4.1 Live Load Distribution Factors 
To determine the interior girder distribution factors using the approximate 
AASHTO equations, the longitudinal stiffness parameter (Kg) was determined for each 
section. 
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 Figure 5.7 Interior Girder - Section I 
 
Table 5.5 Moment of Inertia of Steel Section I 
 
 
The moment of inertia above was calculated with d measured from a datum point taken 
from the bottom of the bottom flange.  The correct moment of inertia is found by 
measuring d from the neutral axis of the section; therefore, the above value was adjusted 
for the correct neutral axis location.  The distance to the neutral axis from the previous 
datum point was found as:   
A
Add s 
  
 
in
in
ind s 9.136.30
9.424 2   
 
Eq. 5.9 
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The correct moment of inertia about the neutral axis is then found as: 
 
)(. AddII sFlangeBotNA   
 
434 1.4120)9.4249.13(7.013,10 ininininI NA   
 
 
Eq. 5.10 
 
 
The distance between the centroid of the steel section and the centroid of the slab (eg) 
must also be determined to calculate the longitudinal stiffness.  
2
. ThicknessSlabStructHaunchdDe flangetopssteelg   
 
   ineg 9.182
75.0875.029.13875.0226   
 
Eq. 5.11 
 
 
The longitudinal stiffness is then found as: 
 
)( 2gg AeInK   
   42 291,120)9.18)(6.30(1.41208 inK g   
Eq. 5.12 
 
The longitudinal stiffness values of the other sections were also determined and are 
tabulated below in Table 5.6. 
 
Table 5.6 Longitudinal Stiffness of Interior Girder Sections 
 
 
 5.4.1.1 Interior Girders 
As previously mentioned in Chapter 3, multiple presence factors were taken into 
account when the approximate distribution factor equations were derived; therefore, they 
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need not be applied again.  In addition, the equations for moment and shear are different 
and also change for one lane loaded, and two or more lanes loaded.  The approximate 
moment distribution factors vary with each section change; however, the shear 
distribution factors remain constant throughout all spans, thus, will only be calculated 
once. 
 
5.4.1.1.1 Section I 
The moment and shear distribution factors for section I of an interior girder are as 
follows: 
Bending Moment (Table 4.6.2.2.2b-1): 
 
One lane 
loaded: 
1.0
3
3.04.0
0.1214
06.0 







s
g
Lt
K
L
SSDF  
 
   lanesDF 471.075.7540.12
292,120
854
8
14
806.0
1.0
3
3.04.0







  
 
Eq. 5.13 
 
Two or more 
lanes loaded: 
1.0
3
2.06.0
0.125.9
075.0 







s
g
Lt
K
L
SSDF  
 
   lanesDF 637.075.7540.12
292,120
54
8
5.9
8075.0
1.0
3
2.06.0








 
 
Eq. 5.14 
 
Shear (Table 4.6.2.2.3a-1): 
 
One lane 
loaded: 0.25
36.0 SDF   
 
lanesDF 680.0
0.25
836.0   
 
Eq. 5.15 
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Two or 
more lanes 
loaded: 
0.2
350.12
20.0 

 SSDF  
 
lanesDF 814.0
35
8
0.12
820.0
0.2


  
 
Eq. 5.16 
 
 
5.4.1.1.2 Section II 
The moment distribution factors for Section II of an interior girder are as follows: 
One lane 
loaded: 
1.0
3
3.04.0
0.1214
06.0 







s
g
Lt
K
L
SSDF  
 
   lanesDF 453.075.7540.12
562,181
854
8
14
806.0
1.0
3
3.04.0







  
 
Eq. 5.17 
 
Two or more 
lanes loaded: 
1.0
3
2.06.0
0.125.9
075.0 







s
g
Lt
K
L
SSDF  
 
   lanesDF 624.075.7540.12
562,181
54
8
5.9
8075.0
1.0
3
2.06.0








 
 
Eq. 5.18 
 
5.4.1.1.3 Section III 
The moment distribution factors for Section III are as follows: 
One lane 
loaded: 
1.0
3
3.04.0
0.1214
06.0 







s
g
Lt
K
L
SSDF  
 
   lanesDF 407.075.7540.12
405,107
854
8
14
806.0
1.0
3
3.04.0








 
 
Eq. 5.19 
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Two or more 
lanes loaded: 
1.0
3
2.06.0
0.125.9
075.0 







s
g
Lt
K
L
SSDF  
 
   lanesDF 569.075.7540.12
405,107
54
8
5.9
8075.0
1.0
3
2.06.0








 
 
Eq. 5.20 
 
5.4.1.2 Exterior Girders 
The approximate distribution factor equations utilized above are only applicable 
for interior girders.  AASHTO specifies three different methods for approximating the 
distribution factors for exterior girders.  These methods are detailed below in the 
subsequent sections. 
 
5.4.1.2.1 Lever-Rule 
For one lane loaded, Tables 4.6.2.2.2d-1 and 4.6.2.2.3b-1 of the AASHTO 
specifications state that the distribution factors for moment and shear are to be found 
using the Lever Rule.  The exterior girder reaction, due to a pair of 1-kip unit loads 
illustrated below, was found to be 0.66 by summing the moments about the adjacent 
interior girder.  The one-lane-loaded multiple presence factor (m = 1.2) and the exterior 
girder reaction were then multiplied together to arrive at a distribution factor of 0.791 
lanes. 
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Figure 5.8 Lever-Rule Analysis 
 
5.4.1.2.2 Lane-Fraction Modification Factor 
When two or more lanes are loaded, an approximate distribution factor for an 
exterior girder may be found by multiplying the interior girder distribution factor by a 
modification factor (e).  The approximate unmodified distribution factors for an interior 
girder are listed in the tables below. 
 
Table 5.7 Unmodified Moment Distribution Factors 
 
 
 
Table 5.8 Unmodified Shear Distribution Factors 
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The modification factors are a function of the distance between the web of the 
exterior girder and the edge of the curb or barrier (de).  The moment and shear 
modification factors are applied to the unmodified interior girder distribution factors and 
found below. 
 
Bending Moment (Table 4.6.2.2.2d-1): 
 
Two or more 
lanes loaded: 1.9
77.0 e
de   
 
019.1
1.9
27.277.0 e  
 
Eq. 5.21 
 
 
 
 
Table 5.9 Modified Moment Distribution Factors 
 
 
 
Shear (Table 4.6.2.2.3b-1): 
 
Two or more 
lanes loaded: 10
6.0 e
d
e   
 
827.0
10
27.26.0 e  
 
 
Eq. 5.22 
 
 
 
 
Table 5.10 Modified Shear Distribution Factors 
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5.4.1.2.3 Special Analysis 
The distribution factors obtained from the approximate equations do not account 
for cross-frame contributions; therefore, Commentary C4.6.2.2.2d specifies a special 
analysis procedure that assumes the entire deck of the bridge rotates as a rigid body about 
the transverse centerline of the girder system.  The reactions found by this method must 
also be multiplied by the appropriate multiple presence factors to calculate the exterior 
girder distribution factors shown in Table 5.11. 
 
 
Figure 5.9 Special Analysis Truck Placements 
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Reaction 
Equation: 
2x
eX
N
NR
b
L
N
N
ext
b
L

  
 
 
Eq. 5.23 
One lane 
loaded: 
   428.0241682 7.212471 2221  R   
Two lanes 
loaded: 
   695.0241682 27.97.212472 2222  R   
Three lanes 
loaded: 
   801.0241682 73.227.97.212473 2223  R   
Four lanes 
loaded: 
   747.0241682 73.1473.227.97.212474 2224  R   
 
Table 5.11 Special Analysis Distribution Factors 
 
 
5.4.1.3 Fatigue Distribution Factors 
The fatigue load consists of 75 percent of a single HS20-44 design truck; 
therefore, all distribution factors must be converted to a single-lane-loaded distribution 
factor as specified in Article 3.6.1.4.3b.  Distribution factors obtained from the 
approximate equations, Lever Rule, and special analysis are divided by the appropriate 
multiple presence factor to obtain the fatigue distribution factors for one lane loaded. 
 
Table 5.12 Interior Girder Fatigue Moment Distribution Factors 
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Table 5.13 Interior Girder Fatigue Shear Distribution Factors 
 
 
 
Table 5.14 Exterior Girder Fatigue Moment Distribution Factors 
 
 
 
Table 5.15 Exterior Girder Fatigue Shear Distribution Factors 
 
 
5.4.1.4 Live Load Deflection Distribution Factor 
When checking live load deflections, all design lanes are to be loaded to produce 
maximum deflections.  Additionally, all girders are assumed to deflect equally as stated 
in Article 2.5.2.6.2.  The live load deflection distribution factor for the Culloden Bridge is 
found below as:  
B
L
N N
NmDF
L
  
 
lanesDF 371.0
7
465.0 

  
 
Eq. 5.24 
 
 
 
5.4.1.5 Skew Correction Factors 
The moment and shear distribution factors determined above must be corrected 
for skew by applying adjustment factors.  Skew adjustment factors are applicable for 
bridges with skew angles between 30º and 60º, respectively. If the skew angle is less than 
30º, the skew correction factor is to be taken as 1.0. If the skew angle is greater than 60º, 
the correction factor is to be calculated with a maximum skew angle of 60º. 
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5.4.1.5.1 Moment Correction Factors 
The Culloden Bridge is skewed at an angle of 31º00’10”, which corresponds to 
the following skew correction factor for moment: 
5.025.0
31 12
25.0 






L
S
Lt
K
c
s
g  
 
    0294.054
8
75.75412
292,12025.0
5.025.0
31 





c  
 
 
Eq. 5.25 
 
 
  5.11 tan1 cSCF   
   986.0"1031tan0294.01 5.1  oSCF  
Eq. 5.26 
 
 
 
The skew correction factors for moment are presented for interior and exterior girders in 
the tables below.  In this case, the factors are dependent upon the longitudinal stiffness 
parameter Kg.   
 
Table 5.16 Interior Girder Skew Correction Factors for Moment 
 
 
 
Table 5.17 Exterior Girder Skew Correction Factors for Moment 
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5.4.1.5.2 Shear Correction Factors 
The shear distribution factors calculated above are also multiplied by the skew 
correction factor presented in Table 4.6.2.2.3c-1 of the AASHTO specifications.  The 
correction factor for Section I of an interior girder is as follows: 
  tan1220.01
3.03




g
s
K
Lt
SCF  
 
 
    "1031tan
292,120
75.7541220.01
3.03
oSCF 


  = 1.158 
 
Eq. 5.27 
 
 
The skew correction factor for shear increases the distribution factors for all sections of 
the Culloden Bridge.  The corrected distribution factors for interior and exterior girders 
are presented in the tables below. 
 
Table 5.18 Interior Girder Skew Correction Factors for Shear 
 
 
Table 5.19 Exterior Girder Skew Correction Factors for Shear 
 
 
5.4.2 Summary of Distribution Factors 
Distribution factors were calculated for all three sections of interior and exterior 
girders.  These factors were then multiplied by the appropriate skew correction factors 
and are summarized in the tables below.   
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Table 5.20 Interior Girder - Section I 
 
 
Table 5.21 Interior Girder - Section II 
 
 
Table 5.22 Interior Girder - Section III 
 
 
Table 5.23 Exterior Girder - Section I 
 
 
Table 5.24 Exterior Girder - Section II 
 
 
Table 5.25 Exterior Girder - Section III 
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5.5 Analysis Results 
When assessing design forces, composite sections are considered un-cracked in 
positive and negative flexure regions of the bridge.  Each load, and the corresponding 
section it acts upon, is detailed below:  
 DC1 Loads: Steel Section Only  
 DC2 and DW: Long-Term Composite Section with modular ratio of 3n 
 Live loads: Short-Term Composite Section with modular ratio of n 
 
5.5.1 Design Envelopes 
The design envelopes for an exterior girder illustrate the maximum moments and 
shears at tenth points along the bridge.  The HL-93 load consists of a design tandem, or 
design truck with variable axle spacing, in combination with a design lane load.  A 
special negative moment load case is also employed between points of dead load 
contraflexure.  It consists of 90 percent of two design trucks spaced such that the lead 
axle of the second truck and the rear axle of the first truck are 50 ft. apart.  The 32-kip 
axles are spaced at a constant 14 ft., and the two trucks are placed in adjacent spans. An 
additional 90 percent of the design lane load is also applied to this load case, but may be 
spaced discontinuously to maximize negative flexure.  The appropriate dynamic load 
allowance and distribution factors were also applied to the aforementioned loads; 
however, the DC1, DC2, and DW moments are un-factored and un-distributed in the 
envelope figures below.  
A second set of moment and shear envelopes were also generated for the fatigue 
limit state.  The fatigue truck acts on the short-term composite section and is multiplied 
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by a load factor of 0.75, and dynamic load allowance of 1.15. The appropriate 
distribution factors were also applied to the factored fatigue moments and shears. 
The optional live load deflection limit was also checked by obtaining the 
maximum deflection from the following: 
 a design truck plus impact, or 
 25% of the design truck plus impact, and the design lane load.  
 
The maximum deflections were obtained by simultaneously placing loads in all design 
lanes and applying the corresponding multiple presence factor.  The maximum 
deflections at each tenth-point are illustrated in Figures 5.14. 
 
 
 
 
 
 
 
 
 
 
 
 
 
 104
  
 
 
 
Fi
gu
re
 5
.1
0 
M
om
en
t E
nv
el
op
es
: E
xt
er
io
r 
G
ir
de
r 
 
 
 
 
 
 
 
 105
  
 
 
 
Fi
gu
re
 5
.1
1 
Fa
tig
ue
 M
om
en
t E
nv
el
op
e:
 E
xt
er
io
r 
G
ir
de
r 
 
 
 
 
 
 
 
 
 
 
 106
 
 
 
 
 
 
 
 
 
 
 
Fi
gu
re
 5
.1
2 
Sh
ea
r 
E
nv
el
op
es
: E
xt
er
io
r 
G
ir
de
r 
 
 
 
 
 
 
 
 
 107
 
 
 
 
 
 
 
 
 
 
Fi
gu
re
 5
.1
3 
Fa
tig
ue
 S
he
ar
 E
nv
el
op
e:
 E
xt
er
io
r 
G
ir
de
r 
 
 
 
 
 
 
 
 
 108
 
 
 
 
 
 
 
 
 
 
 
Fi
gu
re
 5
.1
5 
D
ef
le
ct
io
n 
E
nv
el
op
e:
 E
xt
er
io
r 
G
ir
de
r 
 
 
 
 
 
 
 
 109
Table 5.26 Unfactored and Undistributed Dead Load Moments (k-ft.) 
 
 
 
 
Table 5.27 Unfactored and Undistributed Live Load Moments (k-ft.) 
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Table 5.28 Unfactored and Distributed Moments (k-ft.) 
 
 
 
 
Table 5.29 Strength I Load Combination Moments (k-ft.) 
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Table 5.30 Service II Load Combination Moments (k-ft.) 
 
 
 
Table 5.31 Factored and Distributed Fatigue Moments (k-ft.) 
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Table 5.32 Unfactored and Undistributed Shears (kips) 
 
 
 
Table 5.33 Unfactored and Distributed Shears (kips) 
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Table 5.34 Strength I Load Combination Shears (kips) 
 
 
 
Table 5.35 Fatigue Shears (kips) 
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Table 5.36 Factored and Distributed Deflections (in) 
 
 
 
5.6 Limit States 
5.6.1 Service Limit State 
The Service limit state is employed to ensure adequate bridge performance and 
serviceability over a design service life.  The Service I and II load combinations 
correspond to the loads that induce stresses and deformations observed during typical 
service conditions.  The Service I load combination is used when calculating live load 
deflection.  Live load deflections may be limited to avoid adverse structural or 
physiological effects associated with excessive deformations.  The Service II load 
combination is intended to protect the structure against localized yielding that could 
potentially cause permanent deformations.  By limiting permanent deformations, bridge 
rideability is maintained and undesirable affects associated with localized yielding and 
web-bend buckling are avoided.   
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5.6.2 Strength Limit State 
The Strength limit state ensures that stability is maintained under statistically 
significant load combinations that the bridge is expected to experience during its design 
life.  The Strength I load combination will be evaluated for the Culloden Bridge to ensure 
adequate capacity is provided to resist bending moments and shears  
 
5.6.3 Fatigue Limit State 
Crack formation and propagation is prevented over the design life of a bridge by 
limiting the stress range produced by the fatigue load.  The AASHTO specifications 
classify several types of structural details that must be checked for fatigue.  The fatigue 
limit state was checked at the mid-span and over the interior piers to ensure that 
acceptable stress ranges were not exceeded. 
 
5.7 Sample Calculations 
Sample calculations are presented for the two most critical locations of the 
Culloden Bridge.  The first location is the maximum negative bending region, Section II, 
over the pier.  The second location, Section III, is located at the middle of the second 
span and corresponds to the maximum positive bending region of the bridge.  Section I is 
located in the maximum positive bending region of the first span, however, force effects 
are smaller than Section III; therefore, it will not be presented hereafter. The approximate 
line-girder analysis procedure theoretically predicts larger moment distribution factors for 
exterior girders; therefore, only exterior girders are considered in the subsequent 
calculations.  All load modifiers (i) were taken equal to 1.00 for this design assessment.  
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The stress calculations in the subsequent calculations adopt a positive sign convention for 
tensile forces and negative for compressive forces.  All numbers presented in the 
following sections are rounded for simplicity; however, the answers reported are resultant 
of unrounded numbers.   
 
5.7.1 Section Properties 
5.7.1.1 Effective Flange Width 
The 4th edition of the AASHTO specifications states that the effective flange 
width is to be taken as ½ the girder spacing plus the width of the deck overhang.  The 
Culloden Bridge has I-girders spaced at 8 ft. intervals and a deck overhang width of 3.5 
ft.  This equates to an effective width of 90 in. 
 
 
Figure 5.17 Effective Flange Width for Exterior Girders 
 
The previously specified bridge geometries were used to calculate the non-
composite, composite short-term, and composite long-term section moduli for each 
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section. The top longitudinal rebar cover was measured from the top of the deck to the 
C.G. of the rebar.  The bottom rebar cover was taken as the distance between the bottom 
of the deck and the C.G. of the rebar.  The Culloden Bridge plans specify 4,000 psi 
concrete in the deck; therefore, the modular ratio (n) was taken as 8 when calculating the 
short-term composite sections in the tables below. The long-term composite sections 
were determined using the long-term modular ratio 3n = 24. In the negative bending 
region, the non-composite section plus the longitudinal reinforcement was considered 
when determining short and long-term stresses.  The AASHTO specifications do not 
require a reduction of longitudinal reinforcement area when determining dead load 
stresses; however, it was conservatively divided by 3 to adjust for creep and cracks in the 
long-term section.   
 
Table 5.37 Culloden Bridge Geometry 
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Table 5.38 Exterior Girder Section Properties 
 
 
 
5.7.2 Exterior Girder: Section II 
5.7.2.1 Service II Limit State 
To maintain bridge rideability, the Service II limit state ensures that permanent 
deformations are controlled.  This is achieved by limiting the flexural stresses such that 
localized yielding and buckling do not occur.  Bridge decks that incorporate shear studs 
throughout their length are assumed to be fully composite in positive and negative flexure 
at the service limit state; therefore, the short-term and long-term composite sections will 
be used in stress calculations. 
 
5.7.2.1.1 Permanent Deformations 
The hybrid girder factor accounts for non-homogeneous cross sections in which 
portions of the built-up section may fail prior to others.  The hybrid girder factor for  
 
 
 119
Section II of the Culloden Bridge was determined as follows:  
.71.15 inDn    
  
fcfcfn tbA   
 
2185.112 inAfn   
Eq. 5.28 
 
 
 
 
Eq. 5.29 
 
yc
yw
F
F  
 
50.0
100
0.50 
ksi
ksi  
 
Eq. 5.30 
 
 
 
 
 
     965.0
)763.0(212
50.050.03763.012 3 
hR  
 
Eq. 5.31 
 
 
 
 
fn
wn
A
tD2
763.0
18
4375.071.152 
 


212
312 3

hR
 
The top and bottom flange stresses, due to the Service II load combination, were 
then checked.  Lateral flange bending effects were neglected because the deck is 
considered composite at the service limit state. 
Top Flange: 
 
     

  
ST
IMLL
LT
DWDC
steel
DC
f S
M
S
MM
S
M
f 3.1
0.10.1 21   Eq. 5.32 
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         12
8229
9883.1
1871
90830.1
479
5690.10.1 

 ff  
 
tensionksif f 24.17  
 
 
 
 
yfhf FRf 95.0  
    ksiFR yfh 17.6470965.095.095.0   
 
 
kipsksi 17.6425.17       OK (Ratio = 0.268) 
 
 
Eq. 5.33 
 
 
 
 
 
Bottom Flange: 
          12
705
9883.1
647
90830.1
510
5690.10.1 

 ff  
 
ncompressioksif f 48.38  
 
 
 
yfh
l
f FR
ff 95.0
2
  
    ksiFR yfh 675.91100965.095.095.0   
 
 
ksiksi 675.91048.38      OK (Ratio = 0.420) 
 
Eq. 5.34 
 
 
 
 
 
 
Article 6.10.4.2.2 specifies that the compression flange must not exceed the nominal web 
bend-buckling resistance; however, composite negative bending sections checked at the 
strength limits state with Article 6.10.8 need not be checked.  
 
5.7.2.2 Strength Limit State 
5.7.2.2.1 Negative Flexure 
The Culloden Bridge incorporates 100 ksi steel in the bottom flanges of Section II 
over the pier; thus, Appendix A is not applicable and Article 6.10.8 of the AASHTO 
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specifications will be utilized to determine compression flange capacity.  The 
compression flange capacity of Section II is limited to the smaller of the lateral-torsional 
buckling capacity and the local web-bend buckling capacity.  For composite sections in 
negative flexure, the following relationship must be satisfied:   
Discretely Braced Compression Flanges: 
 
ncflbu Fff  3
1  
 
Eq. 5.35 
 
Discretely Braced Tension Flanges: 
 
ntflbu Fff  3
1  
 
Eq. 5.36 
 
 
Continuously Braced Tension or Compression Flanges: 
 
yfhfbu FRf   Eq. 5.37  
 
The lateral flange bending stress (fl) is assumed to be zero for all strength calculations as 
it need not be checked once the deck and girders have become composite. 
 
5.7.2.2.1.1 Lateral-Torsional Buckling Capacity 
The lateral-torsional buckling capacity was analyzed at four critical girder 
locations.  From these four locations it was determined that the most critical unbraced 
length was west of the western most pier.  The total unbraced length at this location is 
245 inches.  A flange transition lies 108 inches from the cross-frame at the pier and 137 
inches from the next intermediate cross-frame.  This equates to a flange transition 44 
percent of the unbraced length away from the pier cross-frame.  Commentary 6.10.8.2.3 
states that for unbraced lengths containing a transition to a smaller section at a distance 
greater than 20 percent of the unbraced length from the cross-frame with the smaller 
 122
moment, the lateral-torsional buckling resistance should be taken as the smaller resistance 
(Fnc) within the unbraced length.  In this case, the flange transition is a distance 
equivalent to 56 percent of the unbraced length away from the cross-frame with the 
smaller moment.  The commentary also states that the most accurate lateral-torsional 
buckling capacity is found by converting the non-prismatic member into an equivalent 
prismatic member based on the weighted average of the two sections.  A conservative 
LTB capacity may also be determined by using the smaller of the two sections; however, 
a weighted average approach was adopted in the subsequent LTB calculations.   
An equivalent prismatic beam was determined by multiplying each section by its 
respective percentage of unbraced length.  Section II makes up 44 percent of the 
unbraced length while Section I makes 56 percent. The equivalent prismatic beam 
dimensions are shown below in Table 5.39 and the section moduli in Table 5.40. 
 
Table 5.39 Prismatic Section Dimension 
 
 
 
Table 5.40 Prismatic Section Properties 
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The flexural stresses induced by the Strength I load combination were found at 
the critical negative bending section using the actual sections properties at that location.  
The prismatic section properties were only used to determine the LTB capacity of the 
critical unbraced length.  The maximum bending stresses in the top and bottom flanges 
were then found as: 
Top Flange: 
 
       

  
inf3inf/3inf/
21 75.15.125.125.1
re
IMLL
re
DW
re
DC
steel
DC
bu S
M
S
M
S
M
S
M
f 
         12
842
98875.1
595
905.1
595
8325.1
479
56925.1
0.1 

 buf  
 
 
tensionksif bu 28.47  
 
Eq. 5.38 
 
 
Bottom Flange: 
         12
577
98875.1
538
905.1
538
8325.1
510
56925.1
0.1 

 buf  
 
ncompressioksifbu 02.58  
 
 
 
The depth of the web in compression (Dc) was previously determined from the elastic 
section properties of the prismatic beam as 15.26 in.  The effective radius of gyration for 
lateral-torsional buckling was then determined as follows: 



 

fcfc
wc
fc
t
tb
tD
b
r
3
1112
 
 
Eq. 5.39 
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  
  
.22.3
15.112
4375.026.15
3
1112
12 inrt 


 
   
The limiting unbraced length (Lp) to achieve the nominal flexural resistance of RbRhFyc 
under uniform bending was found as: 
yc
tp F
ErL 0.1  
 
 
  .02.60
83
2900022.30.1 in
ksi
ksiLp   
 
Eq. 5.40 
 
 
The compression flange stress at the onset of nominal yielding (Fyr) within the prismatic 
cross section is to be taken as the smaller of 0.7Fyc and Fyw, but not less than 0.5Fyc.   
ycycycyr FFFF 5.0),7.0min(   
 
      ksiksiksiksiFyr 50835.050,837.0min   
Eq. 5.41 
 
 
The unbraced length (Lr) in which either flange is considered to have reached its 
respective yield strength under uniform bending, was calculated as: 
yr
tr F
ErL   
 
  .21.243
50
2900022.3 in
ksi
ksiinLr    
 
Eq. 5.42 
 
Article 6.10.8.2.3 states that Cb shall be taken equal to 1.0 when determining Fcr for  
unbraced lengths incorporating flange transitions outside of the 20 percent requirement; 
however, because an equivalent prismatic section is being assessed, the moment gradient 
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modifier should be calculated to obtain an accurate lateral-torsional buckling capacity.  
The dead and live load moments were found at the mid and intermediate diaphragms 
within the unbraced length to determine the stresses fmid, f0, and f1.  The variation in 
moment over the pier is considered to be concave; therefore, f1 = f0.  The moment 
gradient modifier and critical stress were then found as: 
3.23.005.175.1
2
2
1
2
1 






f
f
f
fCb  
 
3.239.1
02.58
41.223.0
02.58
41.2205.175.1
2




bC  
 
Eq. 5.43 
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



t
b
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r
L
ERCF   
 
      ksi
in
in
ksiFcr 45.68
.22.3
.245
2900014.30.139.1
2
2





  
 
Eq. 5.44 
 
 
The limiting unbraced length required to achieve the onset of nominal yielding in 
either flange under uniform bending, Lr, is less than Lb; therefore, the nominal 
compression flange strength is equal to Fcr.   
ychbcrnc FRRFF   
     ksiksiksiFnc 593.8083971.00.145.68   
 
therefore: 
 
ksiFnc 45.68  
Eq. 5.45 
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5.7.2.2.1.2 Flange Local Buckling Capacity  
The compression flange proportions were evaluated and classified as compact, 
non-compact, or slender.  The compression flange slenderness was then found as: 
fc
fc
f t
b
2
  
 
  00.45.12
12 f  
 
Eq. 5.46 
The limiting slenderness ratio for a compact flange is: 
yc
pf F
E38.0  
 
47.6
100
2900038.0 pf  
 
Eq. 5.47 
The limiting slenderness ratio for a noncompact flange is: 
yr
rf F
E56.0  
 
49.13
50
2900056.0 
ksi
ksi
rf  
 
Eq. 5.48 
Because f is less than pf, the flange may be considered compact for the subsequent 
capacity calculations.  The web load-shedding factor (Rb) accounts for the shedding of 
compressive stresses to the flange after the web-buckling limit has been exceeded.  The 
web load-shedding factor was calculated as follows:  
0.12
3001200
1 


 



 rww
c
wc
wc
b t
D
a
aR   
 
Eq. 5.49 
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where: 
 
fcfc
wc
wc tb
tDa 2  
 
 
 
Eq. 5.50 
 
If the web satisfies the noncompact limit specified in Article 6.10.1.10.2, Rb is to be taken 
as 1.0. 
rw
w
c
t
D 2  
   42.10679.71
.4375.0
71.152 
in
in  
 
therefore: 
 
Rb = 1.0 
 
 
Eq. 5.51 
 
The hybrid girder factor (Rh) is applied to built-up sections in which webs and flanges 
have different yield strengths.  Typically, higher yield strength steels are utilized in 
flanges, while lower strength steels are used in webs.  This improves economy but 
reduces the total section capacity because the web may yield prior to the flanges.  The 
hybrid girder factor was calculated as follows: 
 


212
312 3

hR
 
 
 
Eq. 5.52 
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inin  
 
 
Eq. 5.53 
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and: 
 


 

 0.1,min
n
yw
f
F  
 
    50.00.1,10050min   
 
Eq. 5.54 
The hybrid girder factor is then taken as: 
    
  965.0763.0212
50.050.03763.012 3 
hR  
 
 
 
 
The compression flange was previously determined to be compact; therefore, the nominal 
compression flange strength due to local buckling resistance was found as: 
ychbnc FRRF   
 
     ksiksiFnc 47.96100965.00.1   
 
Eq. 5.55 
 
5.7.2.2.1.3 Compression Flange Capacity 
The nominal flexural capacity of the critical section analyzed above was 
controlled by the lateral-torsional buckling capacity.  At the strength limit state, sections 
in negative flexure must satisfy the following relationship:  
ncflbu Fff  3
1
 
  ksiksiksi 45.680.10023.58   
 
ksiksi 90.71023.58      OK (Ratio = 0.847)  
 
Eq. 5.56 
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The flexural capacity of the compression flange is within 15 percent of the ultimate 
stress; therefore, the girders in the negative flexure region of the bridge have adequate 
capacity 
 
5.7.2.2.1.4 Tension Flange Capacity 
At the strength limit state, continuously braced tension flanges must satisfy the  
following: 
 
yfhfbu FRf   
   ksiksi 70965.00.128.47   
 
ksiksi 55.6728.47      OK (Ratio = 0.820)  
Eq. 5.57 
 
5.7.2.2.2 Shear 
The shear resistance was determined with the provisions of Article 6.10.9.2 of the 
specifications for an unstiffened web.  Intermediate diaphragms are spaced throughout 
the bridge; however, they will be neglected unless the nominal shear capacity of an 
unstiffened web is exceeded in the following calculations.  The reaction force at the 
interior bearing support produced the largest shearing force throughout the bridge; 
therefore, Section II was evaluated as the critical section.  The abutment reaction force 
was also significant; however, this section need not be checked because the web 
dimensions and strength properties are the same as Section II.  At the strength limit state, 
curved and straight web panels must meet the following requirement: 
nvu VV   Eq. 5.58 
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where: 
 
pcrn CVVV   
 
 
Eq. 5.59 
 
and, 
 
wywp DtFV 58.0  
 
 
Eq. 5.61 
 
 
The ratio of shear-buckling resistance to shear yield strength (C) is determined by 
evaluating the following equation with k set equal to 5: 
If: 
 
yww F
Ek
t
D 12.1   
 
C = 1.0 
 
 
 
Eq. 5.62 
 
  
ksi
ksi
in
in
50
52900012.1
.4375.0
.26   
 
314.60429.59    
 
therefore:  
 
C = 1.0 
 
 
 
The plastic shearing force was then calculated based on the yield strength and area of the 
web panel.  The shear capacity of the unstiffened web was calculated and compared with 
the ultimate shear induced by the Strength I load combination.  
    kipsininksiVp 875.329.4375.0.265058.0   
 
therefore, 
   kipskipsVn 875.329875.3290.1   
 
kipskipsVu 88.329254      K (Ratio = 0.770)   
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The shear capacity of an unstiffened web provides adequate resistance; therefore, no 
further analysis is necessary. 
 
5.7.2.3 Fatigue Limit State 
5.7.2.3.1 Load-Induced Fatigue 
The Culloden Bridge has skewed and perpendicular diaphragms spaced at varying 
intervals throughout its length.  The diaphragms are bolted to stiffeners which are welded 
to the top and bottom flanges.  The fatigue of the base metal at weld locations in the 
tension flange was checked by applying the fatigue load truck.  The fatigue truck was 
factored by 0.75 and multiplied by an impact factor of 1.15 percent.  The short-term 
composite section was used to determine the stress range because shear studs were 
provided throughout the bridge length.  The stress range (f) induced by the fatigue truck 
at the pier diaphragm was determined as: 
 
ST
IMLL
ST
IMLL
I
cM
I
cMf 
  
 
     ksif 153.0
822,18
787.012264
822,18
787.01242   
 
 
Eq. 5.63 
 
 
 
The frequency of the fatigue load was determined by estimating the average daily 
truck traffic (ADTT).  For the Culloden Bridge, the single lane average daily truck traffic 
was found by first estimating the ADTT based on commentary 3.6.1.4.2 of the 
specifications.  This was based on the assumption that the average daily traffic (ADT) is 
20,000 vehicles and that a certain fraction of those vehicles are trucks.  The fractions of  
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trucks in traffic are specified for the following highway classifications: 
 
Table 5.41 Fraction of Trucks in Traffic 
 
Class of Highway 
Fraction of 
Trucks in Traffic 
Rural Interstate 0.20 
Urban Interstate 0.15 
Other Rural 0.15 
Other Urban 0.10 
 
 
 
The Culloden Bridge is located on a rural portion of US Route 60 between Charleston 
and Huntington West Virginia; therefore, it will be considered Other Rural.  The ADTT 
was then calculated as: 
ADTFractionTruckADTT   
 
daypertrucksvehiclesADTT 000,3000,2015.0   
Eq. 5.64 
 
 
The average single lane daily truck traffic was then estimated as: 
ADTTpADTTSL   
 
where: 
 
 p = 0.80 for bridges with three or more design lanes  
 
daypertrucksADTTSL 400,2000,380.0   
Eq. 5.65 
 
 
The design life of the bridge was assumed to be 75 years and the cycles per truck passage 
(n) were then obtained from Table 6.6.1.5-2 of the specifications.  
    SLADTTnLifeBridgeYearDaysN /365  
      cyclesN 000,550,98400,250.175365   
Eq. 5.66 
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For load induced fatigue considerations, each detail must satisfy the following: 
   nFf   
 
where, 
   THn FN
AF 


2
13
1
 
Eq. 5.67 
 
 
 
 
Eq. 5.68 
 
 
The diaphragms are connected with fillet welds normal to the direction of stress in the top 
flange; therefore, the connections are categorized as C’ and the constant amplitude 
fatigue threshold (FTH) was taken as 12.0 ksi as specified in Table 6.6.1.2.5-3.  The  
nominal fatigue resistance of the connection was then found as: 
   0.12
2
1
10855.9
1044 3
1
7
8





 nF  
   ksiksiF n 65475.3   
 
  
therefore: 
 
 
 (F)n= 6.0 ksi 
 
then: 
   ksiksif 0.6153.0       OK  (Ratio = 0.217) 
  
 
5.7.2.3.2 Special Fatigue Requirement for Webs 
Webs with transverse stiffeners are more prone to fatigue cracks; therefore, they 
shall satisfy the following requirement: 
nvu VV   Eq. 5.69  
 134
The shear induced by the fatigue load at Section II is equal to the sum of the dead load 
shears plus twice the fatigue live load shear.  Dynamic effects and distribution factors 
were also applied to the fatigue shears below.    
      kipsVu 64.117)1.33(228.684.54.39    
 
The panel adjacent to the pier support is 245 inches long and governed by the cross-frame 
spacing.  The shear buckling capacity of an unstiffened panel is specified as: 
pcrn CVVV   Eq. 5.70 
 
The shear-buckling coefficient (k) was found first in order to determine C.  This was 
calculated as follows: 
2
0
55




D
d
k  
 
056.5
26
245
55 2 



k  
 
If: 
 
yww F
Ek
t
D 12.1
 
 
then:  
 
C = 1.0 
 
  
50
056.5000,2912.1
4375.0
26   
 
65.6043.59   
 
 
Eq. 5.71 
 
 
 
 
 
 
 
 
 
 
 
 
 
Eq. 5.72 
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therefore: 
 
C = 1.0 
 
The shear buckling capacity of the panel was then found as: 
    kipsVp 88.3294375.0265058.0   
 
then: 
   kipsCVV pcr 88.32988.3290.1   
 
thus: 
 
kipskipsVu 88.32964.117     OK  (Ratio = 0.357) 
 
 
5.7.3 Exterior Girder Check: Section III 
5.7.3.1 Service Limit State 
In addition to the Service II load combination, the Service I load combination was 
also evaluated for live load deflection as specified in Article 6.10.4.1. 
5.7.3.1.1 Elastic Deformations 
Article 2.5.2.6 of the AASHTO specifications states that bridges should be 
designed to avoid undesirable structural or psychological effects caused by live load 
deflections.  The optional live load deflection limit for a bridge subject to pedestrian and 
vehicular traffic is L/1000.  The maximum mid-span deflection was obtained from the 
previously specified live load combination of truck, tandem, and lane load. These loads 
were factored and multiplied by the appropriate dynamic allowance and distribution 
factors.  The program CONSYS was utilized to determine the maximum undistributed 
and unfactored deflections within Section III of the Culloden Bridge.  The maximum un-
factored and un-distributed live load deflection at the mid-span of the bridge was reported 
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as 1.77 in.  After applying the distribution and dynamic allowance factors, 0.371 and 1.33 
respectively, the maximum deflection was reduced to 0.746 in. The maximum allowable 
deflection, specified above as L/1000, was then found as:  
1000max
L    
 
ininft
inft
746.096.0
1000
12*80
max   OK (Ratio = 0.910)  
 
Eq. 5.73 
 
5.7.3.1.2 Permanent Deformations 
Determine Rh: 
 
inDn 38.27  
 
 
 
275.8875.010 inAfn    
  
 
714.0
70
0.50 
ksi
ksi    
    
  969.0347.2212
714.0714.03347.212 3 
hR  
 
 
 
347.2
75.8
375.0380.272 
 
The top and bottom flange stresses induced by the Service II load combination were then 
found and checked as follows:   
Top Flange:       .02.1212
22836
7523.1
2145
47440.1
267
2680.10.1 compksif f 

   
    ksiFR yfh 43.6470969.095.095.0   
 
ksiksi 43.6402.12      OK (Ratio = 0.187) 
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Bottom Flange: 
       .65.4312
409
7523.1
375
47440.1
267
2680.10.1 tenksif f 

    
   ksiFR yfh 43.6470969.095.095.0   
 
ksiksi 43.64065.43      OK (Ratio = 0.677) 
 
Article 6.10.4.2.2 also specifies that the compression flange must not exceed the nominal 
web bend-buckling resistance; however, composite positive bending sections that meet 
the web proportion requirements of D/tw< 150 need not be checked.  
 
 150333.69375.0
26 
wt
D   
 
Therefore, no further calculations are needed at the Service II limit state.  
 
 
5.7.3.2 Strength Limit State 
5.7.3.2.1 Positive Flexure 
Composite sections in positive flexure are classified as compact or noncompact in 
Article 6.10.6.2.2 of the specifications.  The girder geometry of the cross section is used 
to determine this classification and a compact section must satisfy the following limits: 
 specified minimum yield strength of the flanges do not exceed 70 ksi 
 the web satisfies the proportional limit of: 
150
wt
D  
 
Eq. 5.74 
 
 The section satisfies the web slenderness limit of: 
 
ycw
cp
F
E
t
D
76.3
2   
 
Eq. 5.75 
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To determine if a composite section qualifies as compact, the plastic neutral axis (PNA) 
must first be determined.  This is accomplished by determining the plastic force 
contributed by each component of the composite cross section.  The forces for each 
component were found as follows: 
Plastic force acting in the slab: 
 
seffcs tbfP
'85.0  
    kipsPs 5.371,275.790485.0   
Eq. 5.76 
 
 
Plastic force acting in the compression flange: 
 
ccycc tbFP   
     kipsPc 613875.01070   
Eq. 5.77 
 
 
Plastic forces acting in the web: 
 
wyww DtFP   
    kipsPw 488375.02650   
Eq. 5.78 
 
 
 
Plastic forces acting in the tension flange: 
ttytt tbFP   
    kipsPt 613875.01070   
Eq. 5.79 
 
From observation, Pt + Pw + Pc ≤ Ps; therefore, the distance to the plastic neutral axis 
was calculated as follows: 



 
s
ctw
s P
PPP
tY  
 
deckoftopfrominY .596.5
5.2371
61361348875.7 

   
 
 
Eq. 5.80 
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The distance from the centroid of each force-resisting mechanism to the PNA was then 
found and used to calculate the plastic moment.   
 wwttcc
s
s
p dPdPdPt
PYM 









2
2_
 
 
Eq. 5.81 
 
   
           1.174886.306137.361375.72
5.2371596.5 2 


pM  
 
 
ftkipinkipM p  847,2167,34  
 
 
 
Because the PNA is located in the deck, the depth of web in compression (Dcp) is zero.  
Section compactness was then checked for the composite positive bending section from 
Eq. 5.75 and Eq. 5.76. 
150333.69
375.0
26      OK 
    
 
70
000,2976.3
375.0
02   
 
1500       OK 
 
The composite section meets the requirements of a compact section, therefore, the 
nominal moment capacity can now be found. To ensure the deck does not prematurely 
crush before the section reaches its plastic moment capacity, the following limit must be 
checked: 
tp DD 1.0  
  625.361.0596.5   
 
663.3596.5       NOT OK (Ratio = 1.528) 
Eq. 5.82 
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Therefore, the flexural capacity must be increased to protect the deck from prematurely 
cracking.  Nevertheless, the nominal moment capacity was found as: 



 
t
p
pn D
D
MM 7.007.1  
 
ftkipftkipM n 

 

 742,2
625.36
596.57.007.1847,2  
 
Eq. 5.83 
 
In continuous span bridges, the flexural resistance must also satisfy the following criteria: 
yhn MRM 3.1  Eq. 5.84 
 
The yield moment of the composite section was determined with Appendix D6.2.2 of the 
specifications. Within Appendix D, the additional moment capacity of the composite 
section is found by removing the dead load stresses from the yield strength of the flange.  
This allows the yield moment to be determined by summing the dead load.  Based on the 
Strength I load combination, the additional moment capacity was found as follows: 
ST
AD
LT
DWDC
NC
DC
yc S
M
S
MM
S
MF  21  
 
ST
LT
DWDC
NC
DC
ycAD SS
MM
S
MFM 





  21  
 
      40912
375
475.14325.1
267
26825.170 

 

 ADM  
 
inkipM AD  819,20  
 
ftkipM AD  735,1  
 
 
Eq. 5.85 
 
 
 
Eq. 5.86 
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The yield moment was then found using from the following equation: 
ADDWDCDCy MMMMM  5.125.125.1 21  
       ftkipM y  195,2735,1475.14325.126825.1  
 
ftkipM y  195,2  
Eq. 5.87 
 
 
The above-mentioned criteria can now be checked: 
    ftkipM n  772,22195969.03.1  
 
ftkipftkip  772,2742,2  
 
therefore: 
 
ftkipM n  742,2  
 
Eq. 5.88 
 
At the strength limit state, compact sections must satisfy the following equation:  
nfxtlu MSfM  3
1  
  742,20.1777,1   
 
ftkipftkip  742,2777,1     OK (Ratio = 0.648)   
 
 Eq. 5.89 
 
 
5.7.3.3 Fatigue Limit State 
5.7.3.3.1 Load-Induced Fatigue 
By observation, it was concluded that the largest stress range was induced at the 
intermediate diaphragm at the mid-span of Section III.  The diaphragm is bolted to a 
connection-plate that is welded to the top and bottom flanges of the girder.  The fatigue 
of the base metal at the weld in the tension flange was assessed by calculating the stress  
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range induced by the fatigue load truck. The stress range was determined as follows: 
     ksif 27.9
543,11
38.27128.44
543,11
38.27127.280     
 
 
The frequency of the average daily truck traffic determined in the previous section was 
used in the subsequent calculations.  For load-induced fatigue, each detail must satisfy 
the following: 
    nFf   
 
where: 
 
   THn FN
AF 


2
13
1
 
 
The diaphragm is connected by a fillet-weld normal to the direction of stress in the 
flange; therefore, the connection is categorized as C’.  Thus, the constant amplitude 
fatigue threshold FTH was taken as 12.0 ksi as specified in Table 6.6.1.2.5-3.  The 
nominal fatigue resistance of the connection was then found as: 
   0.12
2
1
10855.9
1044 3
1
7
8





 nF  
   ksiksiF n 65475.3   
  
 
therefore: 
 
Fn= 6.0 ksi 
   ksiksif 0.627.9       NOT OK  (Ratio = 1.55) 
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5.7.3.3.2. Special Fatigue Requirement for Webs 
To control cracking in webs with transverse stiffeners, the following limit shall be 
satisfied: 
nvu VV   
 
Eq. 5.90 
 
        kipsVu 2.256.122000    
 
The controlling panel length is 200 inches long and is governed by the diaphragm 
spacing.  The shear buckling capacity of this panel is specified as: 
pcrn CVVV   Eq. 5.91  
The shear-buckling coefficient (k) must first be found in order to determine C.  It was 
calculated as follows: 
2
0
55




D
d
k  
 
037.5
26
300
55 2 



k  
 
Eq. 5.92 
 
If : 
 
yww F
Ek
t
D 12.1
 
 
then:  
 
C = 1.0 
 
  
50
037.5000,2912.1
375.0
26   
 
54.6033.69   
 
 
 
Eq. 5.93 
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If: 
 
yww F
Ek
t
D 40.1  
 
then:  
 
yw
w
F
Ek
t
D
C 12.1  
 
   675.75
50
037.5000,2940.133.69   
 
 
 
 
 
Eq. 5.94 
 
 
 
 
 
Eq. 5.95 
 
therefore: 
 
   873.0
50
037.5000,29
375.0
26
12.1 


C  
 
then: 
     kipsVp 8.282375.0265058.0   
 
and: 
   kipsCVV pcr 9.24675.282873.0   
 
therefore: 
 
kipskipsVu 9.2462.25       OK (Ratio = 0.102)  
 
5.7.4 Design Assessment Summary 
The service, strength, and fatigue limit states were assessed for critical positive 
and negative bending sections of the Culloden Bridge.   The Service II limit state was 
evaluated for Section II in the negative bending region at the pier.  To protect the 
integrity and rideability of the deck, the Service II limit state restricts flange stresses to 95 
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percent of their yield capacity to protect against inelastic deformations.  The top and 
bottom flanges of the Culloden Bridge satisfied this requirement by 73 and 58 percent, 
respectively.  The Service I limit state was applied when checking the live load 
deflection.  Section III was the most critical with a maximum theoretical deflection of 
0.746 in.; 9 percent less than the maximum allowable deflection 0.960 in.   
The shear and moment capacities of Sections II and III of the Culloden Bridge 
were evaluated at the Strength I limit state.  When determining shear capacity, it was 
conservatively assumed that the web was unstiffened although stiffeners were provided at 
the diaphragm connections.  The shear resistances of Sections II and III were found to 
exceed the Strength I induced shears by 23 and 90 percent, respectively.  The moment 
capacities of Sections II and III were also found to exceed the maximum Strength I 
induced moments by 15 and 35 percent, respectively.  However, Section III did not 
satisfy the requirements Article 6.10.7.1.2 which ensures the deck in a composite section 
does not prematurely crush prior to the girder reaching its plastic moment capacity.  The 
Culloden Bridge has shallow girders that led to this limit being exceeded by 54 percent, 
however, the maximum Strength I moment only induces 65 percent of the design flexural 
stress of the girder; therefore, it is likely that the girder will never undergo inelastic 
behavior under the prescribed loads and the deck will maintain adequate serviceability.   
The fatigue limit state was evaluated for diaphragm connections and the web.  In 
Section II, the weld base metal strength at the diaphragm connection was found to exceed 
the load induced fatigue stress by 78 percent.  The web at this location was also found to 
exceed its necessary capacity by 64 percent.  The fatigue of the weld base metal for the 
diaphragm connection at the mid-span of the Bridge was also checked for Section III.  
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The fatigue truck induced a live load stress range of 9.27 ksi at the location of the weld in 
the tension flange.  The allowable stress range for a C’ detail is only 6 ksi; therefore, the 
fatigue resistance of the weld base metal at this location is exceeded by 55 percent. 
 
Table 5.42 Summary of Performance Ratios: Exterior Girder Section II 
 
 
Table 5.43 Summary of Performance Ratios: Exterior Girder Section III 
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Chapter 6 –Culloden Bridge Field Test 
 
6.1 Introduction 
The Culloden Bridge (WVDOH Bridge No. 10462) is a three-span continuous 
bridge that carries two lanes of traffic on US Route 60.  The bridge was instrumented and 
field tested over a 2½-day period.  The main objectives of the test were to determine 
bending moments, deflections, and dynamic responses.  The bridge has staggered 
diaphragms, integral abutments, elastomeric bearings, continuously composite sections, 
and a high level of skew that makes it of particular interest for comparison with the 
AASHTO specifications.  
 
 
Figure 6.1 Culloden Railroad Overpass (Bridge No. 10462) 
 
6.2 Overview  
The focus of this project was to experimentally and analytically evaluate design 
code applicability for girders fabricated from 100 ksi steel.  Specifically, field testing of 
the Culloden Bridge was conducted to assess the accuracy and consistency of the current 
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AASHTO specifications for HPS 100W I-girders.  The Culloden Bridge incorporates 
HPS 100W in the compression flanges of the negative bending regions; making it one of 
the first bridges in the United States to utilize this steel. 
During the first full day of testing, the maximum negative bending region over the 
pier was instrumented with strain gages.  While this was taking place, a rigid frame was 
also constructed to support LVDTs.  The second day was used to load test and move the 
strain gages between positive and negative bending locations.  This was accomplished 
without much difficulty because reusable strain transducers were used in tandem with a 
wireless data acquisition system. 
Several static load truck placements were selected to maximize live load effects 
on each of the seven girders.  These placements corresponded to maximum bending 
moment and deflection locations that were determined from influence surfaces and with 
the Lever Rule.  After static load testing had been completed, dynamic load tests were 
performed by exciting the suspension of the load truck as it drove over the bridge.  
 
6.3 Goals 
Investigators conducted controlled load testing of the bridge with the following 
goals in mind: 
 assess general structural performance,  
 determine live load distribution factors, 
 calculate live load rating factors,  
 evaluate live load deflections, and 
 observe dynamic behavior of the superstructure. 
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The results of this field test are later used to evaluate the overall performance of 
HPS 100W Bridges by comparing the experimental results with the AASHTO 
specifications.  When performing field tests, it is decidedly difficult to match measured 
responses with intended structural performance.  Many factors affect the final structural 
response such as: 
 actual structural properties and dimensions,  
 lateral live load distribution,  
 longitudinal distribution,  
 impact,  
 bearing restraint,  
 additional/unintended composite action, and 
 curb, railing, and skew effects. 
 
6.4 Bridge Description 
The Culloden Bridge, pictured in Figure 6.2, is a three-span (54 ft., 80 ft., 54 ft.) 
continuous bridge on the border of Cabell and Putnam Counties.  It carries local traffic on 
US Route 60, parallel to Interstate 64, making it a secondary route.  The bridge’s 
construction was completed in 2006. 
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 Figure 6.2 Typical Elevation of Culloden Railroad Overpass 
 
The Culloden Bridge is comprised of seven weathering steel hybrid I-girders with 
50 ksi webs, and 70-100 ksi flanges.  The interior girders, shown in Figure 6.4, are 
symmetric about their neutral-axis throughout all three-spans, whereas the exterior 
girders have slightly larger bottom flanges in spans one and three.  The design utilizes 
three different cross sections to resist positive and negative bending moments through out 
the bridge.  The first section transition takes place 45 ft.-9 in. from the abutment and was 
accomplished with splice welds. A second transition takes place 69 ft.-9 in. from the 
abutment and consists of bolted splice plates ranging in thicknesses from 3/8” to 5/8”.  
Shear studs are provided throughout the entire length of the bridge, therefore, the bridge 
may be considered composite in both positive and negative bending regions. 
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Figure 6.3 Girders 1 and 7 Section Properties 
 
 
Figure 6.4 Girders 2 thru 6 Section Properties 
 
 
 
The Culloden Bridge is skewed at an angle of 31º00’10” at the abutments and 
interior supports.  Staggered diaphragms run perpendicular to the longitudinal centerline 
of the bridge (Figure 6.5), while the diaphragms at the supports are skewed (Figure 6.6).  
The diaphragms in all three spans of the bridge are comprised of C15 x 33.9 channel 
sections bolted to ½” stiffeners. 
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 Figure 6.5 Intermediate and Pier Diaphragms 
 
 
 
 
Figure 6.6 Culloden Bridge Framing Plan 
 
 
The bridge carries two 12-ft. lanes of traffic and accommodates two shoulders; 8 
ft. and 16 ft., as well as a 5-ft. sidewalk.  The bearings are 16.5 in. x 11 in. and 16.5 in. x 
13 in. elastomeric bearing pads with a total thickness of 3 in.  The pads are comprised of 
3/8 in. thick elastomeric layers with 6–11 gage steel laminates.  Each pad rests on a 
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beveled steel sole-plate that typically tapers from 1.95” to 2.05” in order to accommodate 
the superelevation of the deck.   
 
 
Figure 6.7 Elastomeric Bearing Pad 
 
The reinforced concrete deck is approximately 8-inches thick and supports an 
additional 8-in. thick sidewalk on the north overhang.  Two-parapets, with built-in 
continuous railings, also run the full length of the bridge on the north and south 
overhangs. 
 
Figure 6.8 Typical Cross Section of the Culloden Bridge 
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6.5 Equipment  
6.5.1 Data Acquisition 
Strains, deflections, and accelerations were collected and recorded by a suite of 
wireless instruments, devices, and software from Bridge Diagnostics, Incorporated (BDI).  
The BDI wireless system can accommodate several different types of instruments and 
incorporates 4-channel nodes and a wireless base station.  Each instrument generally 
comes equipped with BDI’s “Intelliducer” chip that allows it to identify itself within the 
software.  This eliminates confusion during post-processing when trying to distinguish 
between data collected by various gages.  The instruments used during this field test were 
BDI strain transducers, RDP LVDTs, and a Delta Metrics accelerometer.   
The wireless base station is used to monitor real-time wireless broadband signals 
that are transmitted over several hundred feet from the 4-channel nodes.  The nodes also 
monitor and power the instruments when online.  The base station is capable of taking 
readings at 500 samples per second (500 Hz) and has an expandable channel capacity 
ranging from 4 to 128 channels; expandable in multiples of four.   
This test system saves a lot of time because it requires no wiring between the base 
station and the instruments.  The nodes and base station are powered by rechargeable 
9.6V Makita Ni-MH batteries that can last up to six hours under continuous use.  The 
BDI software also has a standby function that allows users to put all or some of the nodes 
to sleep for a given amount of time.  This allows users to run tests all day on a single 
battery charge without having to spend valuable time retrieving the nodes to replace 
batteries.   
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 Figure 6.9 Wireless Base Station 
 
Figure 6.10 4-Channel Node 
 
6.5.2 Strain Gages 
The strain gages selected for the field test were BDI’s re-useable strain 
transducers (Figure 6.11).  They are ideal for field-testing because they require minimal 
surface preparation and take very little time to install.  The gages have a temperature 
range of -60ºF to +250ºF and connect to the nodes with military style quick connect plugs 
requiring no solder.  Each gage has a range of ±2000 me with an accuracy of ±2 percent.  
Reusable mounting studs were glued to the bridge with an instant adhesive and mounted 
with a jig to ensure proper stud spacing.  The jig also reduced the risk of damaging the 
gages while tightening the nuts.  The mounting studs fit through two holes on either end 
 156
of the gage and tightened with two 7/16-in. nuts.  The recommended adhesive was 
Loctite 410 Black Toughened Adhesive with an accelerator: Loctite Tak Pak 7452. The 
gage locations were first marked using a yellow construction crayon and then prepped 
with a hand grinder to remove rust.  An acetone soaked rag was then used to remove any 
residue and dust.  The adhesive was then applied to the bottom of the transducer tabs and 
pressed against the girder at the marked gage locations.  After a brief moment, the gage 
was pulled back off the girder and the adhesive accelerator was quickly sprayed onto the 
two adhesive spots left on the girder from the tabs.  The gage was then reapplied to the 
same location and held in place for approximately 15 seconds until secure.   
 
 
Figure 6.11 BDI Strain Transducer 
 
6.5.3 Accelerometer 
In order to observe the dynamic behavior of the bridge, a Delta Metrics 
accelerometer (Figure 6.12) was mounted to Girder 4 on the underside of the top flange.  
It has a frequency range of 0 to 300 Hz and a maximum acceleration capacity of 5g’s. Its 
operational temperature range is -40ºF to 250ºF. 
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Figure 6.12 Delta Metrics 5g Accelerometer 
 
6.5.4 Linear Variable Differential Transducers 
Deflections were simultaneously recorded at the theoretical maximum positive 
bending region of the first-span using 7-LVDTs.  The LVDTs were provided by BDI and 
manufactured by RDP Electronics Group.  They have a range of ±1 inch, an accuracy of 
±0.1%, and an operating temperature range of -58ºF to 158ºF. 
 
 
Figure 6.13 RDP Electronics Group DC LVDTs 
 
6.5.5 Power Supply 
Power was supplied with a Honda gasoline generator in tandem with an APC 
battery back up and surge protection system.  This fail safe ensured that no data would be 
lost or corrupted due to power loss or surge.   
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6.5.6 Wheel-Load Scales 
The load truck’s wheels were weighed prior to load testing so that it would later 
be possible to compare the load test data with AASHTO prediction equations.  Each 
wheel load was determined with an Intercomp PT300 scale with a 25,000-pound capacity 
and 20-pound sensitivity. 
 
Figure 6.14 Intercomp PT 300 Portable Wheel Load Scale 
 
6.5.7 Load Truck 
A fully loaded tandem-axle dump truck was provided by the West Virginia 
Department of Highways (WVDOH) to induce various structural behaviors.  This type of 
truck was chosen due to its similarity to the AASHTO HS-20 design load truck.  The 
truck was weighed and measured prior to static load tests with the Intercomp scales and a 
tape measure.  The weight of each wheel load was recorded in a flat parking lot and is 
shown below in Figure 6.16.  
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Figure 6.15 WV-DOH Tandem-Axle Dump Truck 
 
 
 
 
 
 
Figure 6.16 WV-DOH Tandem-Axle Dump Truck Wheel Loads 
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6.5.8 Miscellaneous Equipment 
The placement of the strain transducers required the use of several pieces of 
equipment shown below:  
 20 ft. extension ladder, 
 extension cord, 
 square, 
 measuring tape, 
 grinder, and 
 socket set.  
 
The tools required to construct the LVDT frame were: 
 10 ft. step ladder, 
 sledge hammer, 
 plumb bob, 
 cordless drill and saw, and 
 bubble-level. 
 
Due to inclement weather and line-of-sight restrictions, the base station and 
computer were placed under the bridge; thus, it was impossible for the person running the 
software to know the position of the load truck.  To resolve this issue, Cobra Walkie 
Talkies were used to communicate when to start and stop the data acquisition system. 
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6.6 Determination of Load Truck Placement  
Worst-case truck placements were determined for each girder prior to load testing.  
This was accomplished by performing a FEA of the bridge and with the Lever Rule.  
Both methods are detailed in the subsequent sections and were taken into account when 
placing the load truck during field tests. 
 
6.6.1 Influence Surfaces Generated using Finite Element Analysis 
A three-dimensional finite element (FE) model of the Culloden Bridge was 
constructed with the program FEMAP™, and compiled and analyzed within the program 
ABAQUS™.  The objective of the finite element analysis (FEA) was to develop 
influence surfaces that could be used to determine truck placements that maximized the 
force effects in each of the seven girders.  A 32-kip unit-load was placed incrementally at 
tenth-points along the bridge. The stresses were evaluated at two locations in the web and 
one location in the bottom by programming the input files to output stresses for user 
defined elements.  Shears and deflections were also separately written to output files with 
each incremental move of the unit-load.  Microsoft Excel™ spreadsheets were built to 
convert the ABAQUS output files into a usable format.  Once all of the values were input 
into the spreadsheets, the moments in each girder were calculated from the stresses at 
each tenth-point.  The moments, shears, and deflections were then compiled and plotted 
in three-dimensional graphs to generate influence surfaces for the bridge.  The 3-D 
influence surfaces for moment, shear, and deflection at the 0.40L1 point in Girder 3 can 
be seen in the figures below.  2-D representations of the 3-D graphs were also created to 
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better observe the exact locations of maximum influence.  The influence surfaces were 
then used to determine worst-case truck placements based on peak influence coefficients.  
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Figure 6.17 Moment Influence Surface 
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Figure 6.18 2-D Representation of Moment Influence Surface 
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Figure 6.19 Shear Influence Surface 
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Figure 6.20 2-D Representation of Shear Influence Surface 
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Figure 6.21 Deflection Influence Surface 
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Figure 6.22 2-D Representation of Deflection Influence Surface 
 
6.6.2 Lever Rule Load Placement Method 
The Lever Rule was also used to estimate worst-case lateral truck placements for 
each of the 7 girders.  HS-20 truck dimensions were used to space 1-kip unit loads 
laterally across the bridge deck.  The Lever Rule assumes that the bridge deck behaves as 
a simply supported beam between adjacent girders.  To obtain each girder reaction, the 
sum of the moments is taken about one of the adjacent girders.  Equilibrium equations 
and the principle of superposition make it possible to determine the maximum response 
of each girder due to several unit loads acting simultaneously.  For interior girders, 
multiple trucks were able to contribute to each of the worst-case loadings. A distance of 4 
ft. was maintained between trucks, based upon AASHTO spacing requirements, and 2 ft. 
between tires and curbs.  The Lever Rule is also used in the AASHTO specifications to 
 166
determine lateral live load distribution factors for shear and moment, but in this case, was 
also used to estimate worst-case truck placements.   
 
Table 6.1 Girder 3 Response Due to Incremental Movement of Unit-Load 
 
 
 
 
 
Figure 6.23 Truck Placements by Lever Rule 
 
6.6.3 Load Placement Used During Physical Testing 
The truck placements used during physical testing of the Culloden Bridge were 
based on FEA, the Lever Rule, and previous load testing experience.  The original truck 
placement plan called for twelve separate truck runs to maximize each girder response; 
however, when these locations were being marked on the bridge deck it was noticed that 
two of the truck runs nearly overlapped and one was not possible.  The two overlapping 
locations were merged to form one; reducing the total number of truck placements to ten.  
Each truck placement in Figure 6.24 and Figure 6.25 was measured from the edge of the 
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north curb to the front left tire.  Landscaping paint was used to mark the deck such that 
the two rear driver’s side tires straddled the 0.40L1 and 0.60L1 points.  The lateral 
locations of each truck placement are presented in Table 6.2.  The critical longitudinal 
locations are also illustrated in Figure 6.26. 
 
 
 
 
Figure 6.24 Truck Placements 1 thru 5 Measured from North Curb 
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Figure 6.25 Truck Placements 6 thru 10 Measured from North Curb 
 
 
 
Table 6.2 Truck Placements Measured from North Curb 
 
Run Distance (ft.) 
1 1 
2 2.67 
3 10.75 
4 12.67 
5 18.75 
6 20.75 
7 26.75 
8 28.75 
9 36.75 
10 38.75 
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Figure 6.26 Longitudinal Truck Placement 
 
When evaluating strain, the truck was instructed to stop and place its rear tandem 
axles at two locations on the bridge.  The first location was at 0.40L1 (21’-7”) and the 
second was at 0.60L1 (31’-2”) from the centers-of-bearing of the west abutment.  The 
placement of the rear tandem-axles was accomplished by marking where the driver’s 
front tire should stop to correctly place the rear axles of the truck. 
 
 
Figure 6.27 Placement of Front-Tire of Load Truck 
 170
6.7 Strain Testing Procedure 
Strain gages were placed to observe the maximum positive and negative bending 
moments within the first span of the bridge.  The first region instrumented was Section II 
(Figure 6.28). Strain gages were placed one girder depth (29 in.) from the centers-of-
bearing at the pier.  This was done to limit bearing and cross-frame affects on the flexural 
strain readings.  The second region tested was Section I, which was located at distance of 
0.40L1 (21.6 ft.) from the west abutment (Figure 6.29).   
 
 
Figure 6.28 Section II Strain Gages 
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Figure 6.29 Section I Strain Gages 
 
Three strain gages were mounted to each girder to simultaneously record strains 
induced by the load truck. Two of the gages were mounted on opposite sides of the web 
to obtain the average strain across the thickness of the web.  The third gage was mounted 
to the middle of the bottom flange as shown below in Figure 6.31.  During lab 
verification of the strain gages, it was discovered that the strain readings would wander 
for approximately the first ten minutes.  After ten minutes, the strain readings became 
more stable as the gages warmed up.  On the day of the load tests, the gages were allowed 
to warm up for approximately 30 minutes prior to taking any readings.  The strains 
recorded during load tests were used to generate strain profiles, which in turn, were used 
to produce stress profiles.  The stress profiles were then used to calculate the total 
moments induced in each girder.  Due to a small change in the original load plan, there 
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were only enough strain gages to fully instrument 6 of 7 girders.  It was determined that 
Girder 1 was the least critical girder because of its location under the sidewalk. 
Nevertheless, Girder 1 was outfitted with 2 gages; one on the web and one on the bottom 
flange. 
To observe the maximum theoretical strains at both test sections, the load truck 
was slowly driven onto the bridge and instructed to stop at the locations specified above.  
After a few seconds of recording static strain readings, the truck was moved to a second 
location. Again, static strain readings were recorded for several seconds.  The truck was 
then driven off the bridge and the test was stopped and reset for the next truck placement.   
 
 
 
Figure 6.30 Strain Test Sections and Gage Plan 
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Figure 6.31 Strain Gage Placements on Web and Flange 
 
 
6.8 Deflection Testing Procedure 
The load placements and procedures utilized during strain testing were also used 
during deflection testing.  A temporary frame was constructed from 4 x 4s, 2 x 6s, and 2 
x 4s as shown below in Figure 6.32 and 6.33.  The LVDTs were mounted to 2 x 4’s that 
were then mounted to the frame.  Each LVDT was individually oriented on the frame to 
provide proper initial plunger displacement.  This was necessary because the LVDTs 
have an outward over-travel of 0.39” and an inward over-travel of 0.12”.  This means that 
the first 0.39 inches of deflection does not produce a voltage change, therefore, cannot be 
translated into deflection within the testing software.  The same is true for the inward 
over-travel.  Once the plunger has become fully depressed, the first 0.12 inches of 
rebound do not translate into deflection as no voltage change has taken place.  
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Figure 6.32 LVDT Framing Plan 
 
 
Figure 6.33  LVDT Field Frame 
 
6.9 Dynamic Testing Procedure 
Previous dynamic tests have shown that load trucks need to reach at least 25 mph 
to induce adequate forced vibrations (Davis 2003).  Dynamic load testing of the Culloden 
Bridge was accomplished by accelerating the load truck to approximately 40 mph.  As 
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the truck entered the first span, the driver was instructed to aggressively apply his brakes 
at the approximate location of the accelerometer (Figure 6.34).  The dynamic response of 
the truck’s suspension produced forced vibrations within the superstructure.  The driver 
then exited the bridge allowing the remaining forced vibrations to dampen.  The 
remaining free-vibrations were then recorded and used to determine the fundamental 
frequency of the bridge. 
 
 
Figure 6.34 Accelerometer Mounted to Top Flange 
 
6.10 Results 
The data recorded from each load test was saved and uploaded into Excel™ 
spreadsheets for analysis.  Separate spreadsheets were generated for strains, deflections, 
and accelerations.  Strains were recorded at the maximum positive and negative bending 
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regions of the first span, while deflections and accelerations were only recorded at the 
maximum positive bending region of the first span. 
 
6.10.1 Strain 
Strain gages were placed on both sides of the web to obtain an average web strain 
at the points of maximum positive and negative bending.  The strains in  
Figure 6.35 correspond with the worst-case truck placement for Girder 4.  The strains are 
negative, indicating that the gages were placed in compression.  The approximate 
locations of constant strain in the figures below represent the periods of time that the load 
truck was stopped at 0.40L1 and 0.60L1.  As the truck drove over the first pier, the strains 
decreased slightly then rapidly increased as the truck approached the middle of the 
second span.  When the truck traveled across the third span of the bridge, a small positive 
strain was recorded indicating negative bending.   
The strains exhibited in Figure 6.36 were recorded at the maximum positive 
bending region of Girder 4.  The strains were positive at this location because the gages 
were placed in tension below the neutral axis of the girder.  Like Figure 6.35, constant 
strains indicate when the truck stopped at the predetermined locations of maximum 
influence.  In addition, negative bending was again indicated by the small negative strain 
recorded when the truck traveled across the second span.   
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Figure 6.35 Girder 4: Negative Bending Strains 
 
Figure 6.36 Girder 4: Positive Bending Strains 
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6.10.2 Deflection 
The maximum positive bending location in the first span was instrumented with 
7-LVDTs in order to simultaneously observe deflections in all girders.  During each run, 
the load truck stopped at the 0.40L1 point.  This location corresponds to the theoretical 
point of maximum deflection in the first span of the bridge.  Figure 6.37 represents the 
deflections due to the worst-case truck placement for Girder 4.  It is clearly shown that 
the largest deflection did indeed take place when the truck stopped over the 0.40L1 point.  
As the truck entered the second span, a positive deflection was recorded indicating uplift 
of the first span.  A very small negative deflection was also recorded when the truck 
continued onto the third span of the bridge. 
 
 
Figure 6.37 Truck Placement 5 Deflections 
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6.10.3 Acceleration 
Three dynamic tests were conducted which produced two sets of useable data.  To 
excite the bridge, the load truck accelerated to a speed between 35 and 40 mph.  Upon 
reaching the 0.40L1 point of the first span, the truck locked its brakes; exciting the 
suspension of the truck and inducing forced vibrations within the superstructure of the 
bridge.  The forced vibrations can be seen damping out in Figure 6.38, followed by the 
free vibrations that were used to determine the first fundamental frequency of the bridge.  
The two red lines in Figure 6.38 represent the points when the truck entered and exited 
the bridge superstructure.  This was important to know when performing the Fourier 
Series Analysis to determine the natural frequency of the bridge.   
 
 
Figure 6.38 Dynamic Test Results 
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 Chapter 7 – Serviceability Assessment of the Culloden Bridge 
 
7.1 Natural Frequency 
7.1.1 Theoretical Natural Frequency 
Significant work was conducted by Barth and Wu to develop a natural frequency 
equation that accurately predicts the fundamental frequencies of continuous span steel I-
girder bridges (Barth and Wu 2007).  Finite element models were generated for a suite of 
bridges and then analyzed for comparison with experimental field test results.  This was 
accomplished by developing a FEA procedure which utilizes the commercial software 
ABAQUS™.  In this analysis, the concrete deck was modeled as uncracked as tests have 
shown that, in the elastic range, deck cracking has little effect on the global behavior of 
the bridge.  The parameters considered to influence the predicted natural frequency are: 
 span arrangements, 
 span lengths, 
 material properties, 
 inclusion of parapets, and 
 span-to-depth ratios. 
 
Several natural frequency equations have been developed empirically from data 
collected through theoretical research and field-tests.  Other researchers have developed 
equations with the Rayleigh-Ritz method, finite element analysis, and other approximate 
methods (Barth and Wu 2007).  The most basic method is derived from the simple-beam 
equation and may be used to determine the natural frequency of a single-span bridge; 
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however, it has not been shown to accurately predict the natural frequency of continuous 
span bridges. 
The following equation was then developed by Barth and Wu to predict the 
natural frequency of continuous span bridges by applying a modification factor to the 
original simple-beam frequency equation. 
sbff
2  Eq. 7.1 
 
 
where: 
 
max
2
b
c
L
Ia  
 
a = 0.88, b = -0.033, and c = 0.0333 for 3 or more spans  
 
 
 
 
Eq. 7.2 
 
 
 
 
The average moment of inertia was calculated by using the weighted average 
approach shown below in Table 7.1.  The percentages of girder length for each section 
were found and applied to the corresponding moment of inertia for the short-term 
composite section.  In doing so, an equivalent prismatic beam was realized and used to 
calculate the natural frequency of the bridge.  
 
Table 7.1 Weighted Average Moment of Inertia 
 
 
Because the field test data was obtained from an interior girder, the unit weight of the 
short-term composite section at 0.40L1 was used in the subsequent calculations.  The unit 
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weight of the composite section in the table below was determined from the effective area 
of deck and the self-weight of the girder. 
 
Table 7.2 Unit Weight of Interior Girder Short-Term Composite Section 
 
 
 
The natural frequency of the Culloden Bridge was then estimated by the simple-
beam equation as:  
      Hzf sb 491.235.75 386377,14000,000,299602 142.3 2   
 
 
 
 
The coefficient 2 was then determined and applied to the simple-beam frequency to 
determine the correct natural frequency for a three-span bridge.    
 
  395.180
377,1488.0 033.0
033.0
2 


   
   Hzf 474.3491.2395.1   
 
 
 
 
The parametric study conducted by Barth and Wu revealed that natural frequencies are up 
to 10 percent higher when parapets are included in the natural frequency analysis.  As 
such, they suggest applying a correction factor to the frequency obtained from the 
previous equation.  This parapet correction factor was found as: 
024.00054.0
34.1
IL
factor   
 
Eq. 7.3 
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    09.1377,1480
34.1
024.00054.0  factor  
 
 
 
 
By applying the parapet factor, the corrected natural frequency of the Culloden Bridge 
was found as: 
  Hzf 789.3474.309.1    
 
 
7.1.2 Experimental Natural Frequency 
Experimental accelerations were recorded during dynamic loading tests from the 
accelerometer mounted on Girder 4.  The accelerometer was mounted to the top flange at 
the 0.40L1 point of the first span.  The load truck was driven onto the bridge and 
instructed to slam on the brakes as it reached this point.  Accelerations were recorded as 
the truck approached the bridge, during the excitation of the suspension, and after the 
truck had left the bridge.  Accelerations were also recorded for several seconds after the 
truck had left the bridge to observe the free vibrations which are used to determine the   
natural frequency. The first dynamic truck run was not captured by the data acquisition 
system; however, good results were obtained from the second and third runs.  The 
accelerations recorded during the second run are shown below in Figure 7.1.   
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 Figure 7.1 Accelerations from Dynamic Load Test 
 
The natural frequency of the Culloden Bridge was determined from the 
acceleration data by performing a Fourier Transform.  Excel™ was used to calculate the 
complex coefficients of the Fourier Transform from the time series data.  Excel™ 
requires that the number of samples in the time series data be a power of 2. The total 
number of data points recorded during the second dynamic load test was 2730; however, 
there were approximately 600 free vibration data points that could be used in the analysis.  
Based on the power of 2 requirement, the number of points analyzed was 29; or 512 data 
points.  The Excel™ function was calculated in time steps of 0.020 seconds, which 
corresponds to a sampling rate of 50.0 Hz.    The natural frequency was determined by 
observing the first spike in amplitude in Figure 7.2 below.  The first spike in amplitude 
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takes place at 3.906 Hz along the x-axis; thus, the experimental natural frequency of the 
Culloden Bridge is 3.906 Hz.  
 
 
Figure 7.2 Fourier Transform Results 
 
7.1.3 Summary of Natural Frequencies 
The experimental natural frequency was determined to be 3.906 Hz.  This is 
clearly illustrated by the first sharp spike in Figure 7.2, which corresponds to the large 
amplitude of the Fourier Coefficient.  The theoretical natural frequency, predicted by the 
Barth and Wu equation, was found to be 3.789 Hz.  This equates to a 3 percent difference 
between experimental and theoretical natural frequencies and verifies both the field data 
and the theoretical prediction equation. 
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The current AASHTO specifications do not directly limit vibrations, but rather 
indirectly limit live load deflections.  On the contrary, the Ontario and Canadian Bridge 
Codes suggest a serviceability limit based on the maximum static deflection, the level of 
pedestrian traffic, and the first flexural frequency.  Figure 7.3 demonstrates the 
acceptable ranges of static deflection, with respect to first flexural frequency, for various 
levels of pedestrian traffic. 
 
 
Figure 7.3 Ontario Bridge Code: Frequency vs. Static Deflection 
 
The maximum static deflection in the Ontario and Canadian Code is calculated by 
applying a factored load truck plus impact.  The static deflection caused by this load case 
is determined at the center of the sidewalk, at the inside face of the barrier wall, or below 
a railing for bridges with no sidewalks (Ministry of Transportation 1991).  The static 
deflection of the Culloden Bridge was determined by applying a single HS20-44 load 
truck in CONSYS. On the Culloden Bridge, the sidewalk is located over an exterior 
girder, therefore, the static deflection was found with exterior girder section properties.  
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The unfactored static deflection due to the HS20-44 load was found to be 2.00 in.  The 
live load deflection distribution factor was also recalculated for a single load and was 
found to be 0.171 lanes.  By applying Service I load factors, impact, and the live load 
deflection distribution factor, the deflection was found to be 0.454 inches (11.53 mm).  
The Culloden Bridge has little pedestrian traffic; therefore, the maximum acceptable first 
flexural to be approximately 4.25 Hz.  
 
11.53 mm 
 4.25 Hz
Figure 7.4 Allowable Frequency of the Culloden Bridge 
 
The largest natural frequency was found from the experimental data as 3.906 Hz; 
therefore, based on the Canadian and Ontario Bridge Codes, the first flexural frequency 
of the Culloden Bridge is 8 percent less than the allowable frequency of 4.25 Hz.  If the 
Culloden Bridge was more heavily traveled by pedestrians, the allowable natural 
frequency would have been reduced to 2.25 Hz; placing the experimental natural 
frequency outside of the acceptable range.   
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7.2 Deflection 
7.2.1 Deflection Field Test Results 
Each girder was instrumented with a LVDT and load tested to produce maximum 
deflections.  Truck placements were measured from the edge of the north curb as 
previously presented in Figure 6.24 and Figure 6.25.  The load test results are presented 
below with several points of interest illustrated in Figure 7.5.  The two points along the 
bottom of the graph demonstrate when the load truck stopped at 0.40L1 and 0.60L1.  This 
was done to observe static deflections and minimize the affects of impact.  The third 
point illustrates when the truck was in the second span of the bridge causing uplift in the 
first span.  When the truck reached the opposite end span, the deflection in the first span 
was again upward.  This was caused by an uplift of the middle span as the load truck 
entered the opposite end-span.   
 
Figure 7.5 Truck Placement 1 Deflections 
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 Figure 7.6  Truck Placement 2 Deflections 
 
Figure 7.7 Truck Placement 3 Deflections 
 190
 
Figure 7.8 Truck Placement 4 Deflections 
 
Figure 7.9 Truck Placement 5 Deflections 
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Figure 7.10 Truck Placement 6 Deflections 
 
Figure 7.11 Truck Placement 7 Deflections 
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Figure 7.12 Truck Placement 8 Deflections 
 
Figure 7.13 Truck Placement 9 Deflections 
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Figure 7.14 Truck Placement 10 Deflections 
 
7.2.2 Experimental Deflection Distribution Factors 
Live load deflection distribution factors were experimentally determined by 
superimposing truck placements to produce maximum deflections in each girder.  
AASHTO requires that 2 ft. be maintained between truck tires and curbs, tires and 
barriers, and 4 ft. between adjacent trucks.  Truck placements meeting this criterion were 
used to determine maximum girder deflections.  Girders 1, 2, and 3 were found to deflect 
most from superimposed truck placements 1, 3, 6, and 8, while Girders 4, 5, 6, and 7 
deflected most from superimposed truck placements 3, 5, 8, and 10.  
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Figure 7.15 Worst-Case Truck Placements for Girders 1, 2, & 3 
 
 
 
 
 
Figure 7.16 Worst-Case Truck Placements for Girders 4, 5, 6, & 7 
 
The maximum deflections were obtained for each girder by superimposing the 
load truck placements shown in the figures above.  Deflections recorded from each truck 
placement are tabularized below, and critical truck placements are summed to determine 
the maximum live load deflections for each girder.  
 
Table 7.3 Individual Girder Deflections 
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Table 7.4 Superimposed Deflections for Girders 1, 2, & 3  
 
 
Table 7.5 Superimposed Deflections for Girders 4, 5, 6, & 7  
 
 
 
The maximum experimental deflection distribution factors were determined for 
interior and exterior girders with the following equation:  
TruckLoad
erimposedxmDF
%100
sup )max(

   Eq. 7.4 
 
The deflections due to 1, 2, 3, and 4 lanes loaded were multiplied by their 
respective multiple presence factor and divided by the theoretical deflection from an 
undistributed load truck determined with CONSYS™.  The maximum experimental 
deflection of an interior girder was due to truck placements 3, 5, and 8 acting on Girder 4.  
This resulted in the following live load deflection distribution factor: 
lanesDFInterior 550.0380.0
)058.0110.0078.0(85.0    
 
The maximum exterior girder deflection was due to truck placements 8 and 10 acting on  
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Girder 7.  This equated to the following distribution factor: 
 
lanesDFExterior 388.0370.0
101.0042.000.1 
  
The optional live load deflection criterion specifies that all design lanes are to be 
loaded when determining the maximum deflection.  The Culloden Bridge has 4 design 
lanes and 7 girders; therefore, the AASHTO distribution factor was calculated as follows:  




B
L
N
NmDF  
 
lanesDF 371.0
7
465.0 

  
 
Eq. 7.5 
 
The results of the experimental and AASHTO distribution factors, with and 
without multiple presence factors taken into account, are shown in Figure 7.17. 
 
Figure 7.17 Maximum Distribution Factor by Girder 
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AASHTO and experimental distribution factors were further compared by using 
CONSYS™ to determine girder deflections induced by the Service I load combination at 
the 0.40L1 point of interior and exterior girders.  AASHTO distribution factors, with 
impact, were applied to CONSYS™ deflections and compared with each girder’s 
experimental deflection.  The experimental deflections were also multiplied by impact for 
comparison with the already factored AASHTO values.  A third set of AASHTO 
deflections were also compared to illustrate AASHTO deflections with multiple presence 
removed from the applied distribution factors.  The three sets of deflections were then 
plotted in Figure 7.18 to illustrate the differences between experimental deflections, 
AASHTO deflections, and AASHTO deflections without multiple presence. 
 
Table 7.6 Experimental and AASHTO Deflections 
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Figure 7.18 Experimental and AASHTO Deflections 
 
7.2.3 Summary of Deflection Distribution Factors 
On average, the experimental distribution factors were 14.34 percent higher than 
the AASHTO distribution factors; with the highest experimental distribution factor being 
32.5 percent higher than AASHTO, and the lowest being 37.69 percent lower than 
AASHTO.  During deflection testing it was not possible to maximize exterior girder 
deflections due to their proximity to curbs, barriers and sidewalks; thus, their distribution 
factors were considerably less than the interior girder distribution factors.  Girder 1 was 
located under a sidewalk making it impossible to reach with the load truck such that the 
axle was straddling the girder.  Girder 7 was also not fully loaded because of a 2 ft. 
required clearance between tire and barrier.  The interior girders were effectively tested 
because it was possible to place the load truck to maximize deflections.  The average 
 199
experimental distribution factor for an interior girder was 27.26% higher than the 
AASHTO distribution factor.   
 
Table 7.7 Percent Difference of Exp. vs. AASHTO Distribution Factors 
 
 
 
When checking live load deflection, all design lanes are to be loaded to maximize 
effects.  The maximum deflection is then multiplied by the deflection distribution factor 
which includes multiple presence.  However, applying multiple presence in this case is 
unfounded because the specifications specifically state that all design lanes are loaded; 
therefore, multiple presence factors should be neglected.  To compare, experimental and 
AASHTO distribution factors, with multiple presence excluded, were tabulated in Table 
7.7 and plotted in Figure 7.8.  Exterior girders were not included in the table because they 
could not be fully loaded during field tests.  The girders adjacent to the exterior girders 
also yielded somewhat lower experimental distribution factors because of truck 
placement limitations.  Girder 4 was located at the transverse mid-point of the cross 
section; thus, it was possible to maximize deflections with the truck placements outlined 
in Figure 7.16.  When compared with AASHTO, Girder 4 was only 3.85% less than the 
AASHTO distribution factor without multiple presence effects. 
 200
 
Table 7.8 Percent Difference of Exp. and AASHTO Distribution Factors 
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Chapter 8 – Strength Assessment of the Culloden Bridge 
 
8.1 Experimental Moments  
The maximum positive and negative bending regions of an end-span were 
instrumented with three stain gages; one in the center of each bottom flange, and two at 
the mid-point of each web.   Gages were placed on each side of the web to account for 
torsion in the web during load testing. To correct for web torsion effects, the two web 
strain values were averaged.  Stresses were then determined by multiplying the web and 
flange strains by the modulus of elasticity for steel (29,000 ksi).  Once the stresses were 
determined, the bending moments induced by the load truck were found by the equations 
below previously introduced in Chapter 2. 
steelCGBFL SM  )(    
 
L
steelsteel
concconc
u MIE
IEM 

)(
)(  
 
 
  

 
2
)( slabNAsteelsteelCG
dHaunchydANa   
 
 
aNMMM LuT   
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Figure 8.1 Moment Resisting Mechanisms 
  
8.1.1 Section I: Experimental Positive Bending Moments 
The bottom flanges of interior and exterior girders are slightly different in 
Sections I and II; therefore, their section properties were calculated independently of each 
other and are presented below in Table 8.1. The AASHTO specifications allow the short-
term composite sections to be used in the positive and negative bending regions at the 
service limit state; therefore, the deck was assumed to be uncracked and fully composite 
across the effective width when determining the experimental bending moments.  The 
effective flange widths are also slightly different between interior and exterior girders.  
The interior girders have an effective flange width of 96 in., while exterior girders have 
an effective flange width of 90 in. as shown in Figure 8.2 and Figure 8.3, respectively. 
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Table 8.1 Section Properties used in Section I - Positive Moment Calculations 
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Figure 8.2 Interior Girder - Section I 
 
 
 
 
Figure 8.3 Exterior Girder - Section I 
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Sample moment calculations are presented below from the data collected during 
truck placement 1.  This truck placement corresponds to the location that induced the 
maximum positive moment in Girder 2 and was calculated as follows: 
steelbfBF E   
   ksiBF 84.2000,29)1019.98( 6    
Eq. 8.1 
 
 
 
 
steel
ww
CG E

 
2
21   
     ksiCG 518.1000,292 1011.411058.63
66


 

  
 
      inkipM L  6.39478.296518.1848.2  
 
 
Eq. 8.2 
 
 
 
 
 
 
 
 
 
 
cconc fE '000,57  
  
ksiEconc 605,34000,57   
 
  inkipM u 
 4.446.394
)4118000,29(
)3724605,3(
 
Eq. 8.3 
 
 
 
 
 
 
 
  inkipNa 

  16.918
2
75.72)875.1328(625.30518.1  
 
 
inkipM T  16.135716.9186.3944.44  
 
ftkipM T  09.113  
 
The calculations above were performed for each girder and truck placement and 
then plotted in Excel™.  Several key points are noted in Figure 8.4.  The first point 
represents when the load truck was stopped for several seconds at 0.40L1 tenth-point.  
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This was done to allow vibrations to dampen out of the superstructure that could 
potentially affect the strain readings.  As the truck pulled away from the 0.40L1 point, the 
moment increased momentarily in Girder 1 before decreasing. This means that the 
theoretical influence point of maximum moment was slightly past the 0.40L1 point for 
Girder 1.  The most likely reasons for this are the fixity at the integral abutments and the 
bridge skew.  A second indication that the skew influenced the strain readings is that 
Girder 3 also had a momentary peak just prior to the truck stopping at the 0.40L1 point.  
This was expected because the 0.40L1 point for each girder varies with the skew.  In other 
words, Girder 1 has a 0.40L1 point 9.61 ft. (16 ft. x tan31˚) past the 0.40L1 point of Girder 
3 measured from a line drawn perpendicular to the longitudinal centerline of the bridge. 
The second point in Figure 8.4 is when the load truck was stopped at the 0.60L1 
point.  The third point is a small negative moment that was recorded as the load truck 
crossed the second span of the bridge.  The fourth point represents when the load truck 
entered the third span and produced uplift in the second span which, in turn, resulted in a 
positive moment in the instrumented span.   
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Figure 8.4 Truck Placement 1: Positive Moments 
 
Figure 8.5 Truck Placement 2: Positive Moments 
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Figure 8.6 Truck Placement 3: Positive Moments 
 
Figure 8.7 Truck Placement 4: Positive Moments 
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Figure 8.8 Truck Placement 5: Positive Moments 
 
Figure 8.9 Truck Placement 6: Positive Moments 
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Figure 8.10 Truck Placement 7: Positive Moments 
 
Figure 8.11 Truck Placement 8: Positive Moments 
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Figure 8.12 Truck Placement 9: Positive Moments 
 
Figure 8.13 Truck Placement 10: Positive Moments 
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8.1.2 Section II: Experimental Negative Bending Moments 
The calculations outlined above were also used to determine the maximum 
negative bending moments at the gaged locations over the pier.  Like Figure 8.4, Figure 
8.14 also has several points that illustrate moments induced by the load truck as it 
traveled across the bridge.  The data obtained during truck placement 3, in Figure 8.16, is 
incomplete because the truck driver stopped and turned around on the bridge, however, 
much of the data was still valid and was used in subsequent calculations. 
 
 
Figure 8.14 Truck Placement 1: Negative Moments 
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Figure 8.15 Truck Placement 2: Negative Moments 
 
Figure 8.16 Truck Placement 3: Negative Moments 
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Figure 8.17 Truck Placement 4: Negative Moments 
 
Figure 8.18 Truck Placement 5: Negative Moments 
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Figure 8.19 Truck Placement 6: Negative Moments 
 
Figure 8.20 Truck Placement 7: Negative Moments 
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Figure 8.21 Truck Placement 8: Negative Moments 
 
Figure 8.22 Truck Placement 9: Negative Moments 
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Figure 8.23 Truck Placement 10: Negative Moments 
 
8.2 Experimental Moment Distribution Factors 
The experimental moment distribution factors were determined for interior and 
exterior girders for comparison with AASHTO predicted distribution factors.  To 
determine the maximum moment distribution factor for a particular girder, the load truck 
must be placed to produce maximum force effects in that girder.  The maximum 
superimposed moment, with multiple presence effects, is then divided by the un-factored 
and undistributed theoretical moment due to the load truck used during field tests.  The 
multiple presence factors were applied based on the number of design lanes 
superimposed in the distribution calculation; thus, the experimental moment distribution  
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factor equation is written as: 
truckload
erimposed
M
M
mFD
%100
supmax..    Eq. 8.4 
 
 
The worst case truck placements for each girder are shown in Figure 8.24 and 
Figure 8.25.  The truck locations were governed by the AASHTO truck spacing 
requirements that require a minimum of 4 ft. between adjacent truck tires and 2 ft. 
between tires and curbs/barriers.  
 
 
Figure 8.24 Worst Case Truck Placements for Girders 1, 2, & 3 
 
 
 
 
Figure 8.25 Worst Case Truck Placements for Girders 4, 5, 6, & 7 
 
8.2.1 Section I: Positive Bending Moment  
The positive moments induced by each truck placement are shown in Table 8.2.  
By the principle of superposition, they were used to calculate the maximum moment 
distribution factors for each girder.  The undistributed and un-factored moments induced 
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by the load truck for interior and exterior girders were found from CONSYS™ as 329.2 
kip-ft. and 330.0 kip-ft., respectively. 
 
Table 8.2 Section I Moment Distribution 
 
 
 
Based on the moments tabularized above, and the undistributed truck moments from 
CONSYS™, the moment distribution factor for Girder 1 was found for a single lane load 
as:  
lanesDF 255.0
0.330
2.702.1exp 

   
 
The remaining three truck placements were superimposed incrementally to 
determine the maximum experimental moment distribution factor for each girder.  For 
Girder 1, the maximum moment distribution factor was a resultant of two lanes loaded  
and was calculated as follows: 
lanesDist 281.0
0.330
6.222.7000.14 

    
 
This process was repeated for Girders 2 thru 7 to determine that maximum moment 
distribution factor for each girder.  The distribution factors for each girder, with respect to 
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the number of lanes loaded, are shown in Table 8.3.  The maximum distribution factor for 
each girder is listed at the bottom of the table and plotted against the AASHTO design 
distribution factors in Figure 8.27.  
 
Table 8.3 Section I: Moment Distribution Factors 
 
 
 
 
 
Figure 8.26 Section I: Maximum AASHTO & Experimental Distribution Factors 
 
 
 221
The maximum experimental distribution factor was determined from the worst-
case loading for Girder 4 as 0.576 lanes.  For an interior girder, AASHTO methods 
predicted a maximum moment distribution factor of 0.632 lanes; equating to an 8.86 
percent difference between maximum experimental and design distribution factors.  
Girders 1 through 3 were found to have experimental distribution factors less than 
AASHTO and the other load tested girders.  This was due to the unintentional composite 
action between the deck, sidewalk, railings, and parapets, as well as the inaccessibility of 
Girders 1 and 2 due to the sidewalk.   
 
8.2.2 Section II: Negative Bending Moment  
The methods used to determine the experimental moment distribution factors 
above were also employed in the negative bending region.  The moments induced by the 
load truck are presented in Table 8.4.  Example calculations are not repeated within this 
section; however, the experimental distribution factors are presented in Table 8.5 and 
Figure 8.27.  The undistributed and un-factored moments for interior and exterior girders 
were found from CONSYS™ as -364.8 kip-ft. and -371.9 kip-ft., respectively. 
 
Table 8.4 Section II Moments 
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Table 8.5 Section II Moment Distribution Factors 
 
 
 
 
 
Figure 8.27 Section II: Maximum AASHTO & Experimental Distribution Factors 
 
The maximum experimental distribution factor for the negative bending region 
was found by superimposing three truck placements on Girder 4.  This resulted in a 
distribution factor of 0.716 lanes; 13.41 percent higher than the maximum AASHTO 
predicted distribution factor for an interior girder.  Similar to the results of the positive 
bending region, Girders 1 through 3 yielded distribution factors that were much less than 
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AASHTO and the other load tested girders.  Again, unintentional composite action and 
truck placement restrictions limited the responses of these girders and ultimately resulted 
in reduced experimental distribution factors. 
 
8.2.3 Summary of Moment Distribution Factors 
Load testing of Section I resulted in a maximum experimental moment 
distribution factor of 0.576 lanes.  AASHTO methods predicted a maximum distribution 
factor of 0.632 lanes for an interior girder; equating to an 8.86 percent difference. Thus, it 
can be concluded that AASHTO conservatively predicts the maximum moment 
distribution factor for an interior girder in the positive bending region of the Culloden 
Bridge.  Conversely, the maximum experimental moment distribution factor for Section 
II was found to be 0.716 lanes, while AASHTO methods resulted in a maximum 
distribution factor of 0.620 lanes for an interior girder; therefore, AASHTO under-
predicts moment distribution in the negative bending region of the Culloden Bridge.    
In both the positive and negative bending regions, AASHTO over-predicts the 
exterior girder distribution factors by as much as 70 percent.  This was due to limited 
truck placements because of sidewalks, overhangs, parapets, and AASHTO truck 
placement requirements.  Bridges with larger overhangs and no sidewalks should also be 
investigated to conclude that these factors did indeed play a role in the resulting 
distribution factors for the Culloden Bridge. 
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8.3 Design Load Rating: Strength I 
The design load ratings were individually calculated for interior and exterior 
girders.  The moment envelopes were developed with CONSYS™ to determine the 
maximum force effects at 0.40L1 and 1.00L1 points.  In regions of negative flexure, four 
unbraced lengths were analyzed; however, only the most critical unbraced length is 
presented below.  The negative flexural capacity for exterior girders was determined by 
transforming the non-prismatic unbraced length into an equivalent prismatic member by 
taking a weighted average approach.  This was not necessary for interior girders because 
they were found to have adequate negative flexural capacity using conventional methods.  
The Strength I and Service II load combinations, from the 4th edition of the AASHTO 
specifications, were used to load rate the bridge.  The Strength I load ratings were found 
from the following equations: 
 DWDCDCnf
IMLL
PosIStrength MMMMM
RF 5.125.125.1
75.1
1
21 

   
 
Eq. 8.5 
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3inf/3inf/
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75.1 resteel
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resteel
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ncf
IMLL
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NegIStrength S
M
S
M
S
MF
M
SRF 
 
 
 
Eq. 8.6 
 
In regions of positive flexure, the girders and deck were considered composite for 
Strength I and Service II load ratings. In regions of negative flexure, the girders plus the 
longitudinal reinforcement were considered composite for Strength I load ratings; 
however, the girder plus the deck was considered composite for Service II load ratings.  
The moments and section moduli used in the design load rating calculations are presented 
below in Tables 8.6 and 8.7.  
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Table 8.6 Interior Girder Moments and Section Moduli 
 
 
Table 8.7 Exterior Girder Moments and Section Moduli 
 
 
8.3.1 Interior Girders 
The Strength I design load ratings for an interior girder were found as follows: 
 
 
Section I - Positive Bending: 
 
 
          2915.127125.1727,125.1367,360.1071,775.1
1 PosIStrengthRF  
 
70.2PosIStrengthRF  
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Section II – Negative Bending: 
 
 
   
     


  502
9535.1
502
88625.1
475
862,625.121.720.1
263,975.1
538
NegIStrengthRF  
 
61.1NegIStrengthRF  
 
 
Section III – Positive Bending: 
 
         5755.153525.1294,325.1819,320.1513,775.1
1 PosStrengthIRF   
 
07.2PosStrengthIRF  
 
8.3.2 Exterior Girders 
The Strength I design load ratings for an exterior girders were found as follows: 
 
 
Section I - Positive Bending: 
 
         2885.126825.1697,125.1312,370.1802,875.1
1 PosStrengthIRF   
 
23.2PosStrengthIRF  
 
 
Section II – Negative Bending (Prismatic Section): 
 
   
     


  538
076,15.1
538
000,125.1
510
833,625.145.680.1
854,1175.1
577
NegStrengthIRF
29.1NegStrengthIRF  
 
 
Section III – Positive Bending: 
 
         5665.152625.1214,325.1760,320.1027,975.1
1 PosStrengthIRF   
 
72.1PosStrengthIRF  
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8.4 Design Load Rating: Service II 
The Service II load ratings were also determined from the moment envelopes 
generated with CONSYS™ as were found with the following equations: 
 DWDCDCncf
IMLL
PosIIService MMMMM
RF 

 2195.03.1
1   
 
 
 
Eq. 8.7 
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Eq. 8.8 
 
 
 
8.4.1 Interior Girders 
The Service II load ratings for interior girders were found as follows: 
 
 
Section I - Positive Bending: 
 
 
      2912711727367,360.1)95.0071,73.1
1 PosIIServiceRF  
 
51.3PosIIServiceRF  
 
 
Section II - Negative Bending: 
 
 
     

  608
067,1
608
992
475
861,621.720.1)95.0(
263,93.1
662
NegIIServiceRF  
 
79.2NegIIServiceRF  
 
 
Section III - Positive Bending: 
 
 
     575535294,3819,320.1)95.0(513,73.1
1 PosIIServiceRF  
 
74.2PosIIServiceRF  
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8.4.2 Exterior Girders 
The Service II load ratings for exterior girders were found as follows: 
 
 
Section I - Positive Bending: 
 
 
     288268697,1312,370.1)95.0(803,83.1
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Section II - Negative Bending (Prismatic Section): 
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Section III - Positive Bending: 
 
 
     566526214,3761,320.1)95.0(027,93.1
1 PosIIServiceRF  
 
29.2PosIIServiceRF  
 
8.5 Experimental Load Rating: Strength I 
The Strength I experimental load ratings for positive and negative bending 
sections were found from the following equations: 
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Eq. 8.9 
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Eq. 8.10 
 
 
The section moduli used to determine the design load ratings were also used to 
determine the experimental load ratings in the subsequent calculations.  Strains recorded 
during load tests were not affected by impact because the load truck was either static or 
traveling at crawl speeds; therefore, impact was applied to the experimental moments to 
be consistent with design.  In the negative bending region only the experimental load 
rating for the most critical unbraced length is presented below.  Due to the frequent train 
traffic under the mid-span of the Culloden Bridge, Section III was not instrumented; 
therefore, experimental load rating factors are not presented for this section.  The 
maximum bottom flange stresses induced be each load truck placement, and used in the 
subsequent calculations, are presented below in Table 8.8 and Table 8.9.  
 
Table 8.8 Section I: Bottom Flange Stresses (ksi) 
 
 
Table 8.9 Section II: Bottom Flange Stresses (ksi) 
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8.5.1 Interior Girders 
The maximum Strength I experimental load rating for an interior girders was 
found from Girder 3 as: 
 
Section I - Positive Bending: 
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Section II – Negative Bending: 
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8.5.2 Exterior Girders 
The maximum Strength I experimental load rating for an exterior girder was 
found from Girder 7 as follows: 
 
Section I - Positive Bending: 
        
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Section II – Negative Bending: 
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8.6 Experimental Load Rating: Service II 
The Service II experimental load ratings were found from the equation below.  
Again, impact was applied to the maximum experimental moment to be consistent with 
the design moment. 
)1(
33.1
3.1
95.0
93
21
IM
M
M
S
M
S
M
S
MF
RF
TruckEXP
HL
MaxBF
LT
DW
LT
DC
NC
DC
nf
IIServiceEXP








 





 
 
 
Eq. 8.11 
 
8.6.1 Interior Girders 
The maximum Service II experimental load rating, determined from Girder 3, was 
found as follows: 
 
Section I - Positive Bending: 
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Section II – Negative Bending: 
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8.6.2 Exterior Girders 
The maximum Service II experimental load rating, determined from Girder 7, was 
found as follows: 
 
Section I - Positive Bending: 
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Section II – Negative Bending: 
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8.7 Summary of Load Ratings 
The design and experimental load ratings, and the percent differences between 
them, are summarized in the tables below for interior and exterior girders.  In most cases, 
 233
the experimental load ratings were greater than the design load ratings.  This was 
expected because the design load ratings do not account for the structurally continuous 
portions of the bridge such as the sidewalk, barriers, and railings. 
 
Table 8.10 Percent Difference: Strength I - Interior Girder Load Ratings 
 
 
Table 8.11 Percent Difference: Strength I - Exterior Girder Load Ratings 
 
 
Table 8.12 Percent Difference: Service II - Interior Girder Load Ratings 
 
 
Table 8.13 Percent Difference: Service II - Exterior Girder Load Ratings 
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Chapter 9 – Summary and Conclusions 
9.1 Introduction 
The objective of this research was to evaluate HPS bridge performance and 
serviceability through analytical assessments and field tests. Current and past design 
methodologies were presented in Chapter 2, followed by an overview of recent editions 
of the AASHTO LRFD Bridge Design Specifications with focus on HPS and 
serviceability in Chapters 3 and 4.  In addition to past design methodologies, Chapter 2 
also presents several levels of field-testing used to evaluate bridge serviceability and 
develop load ratings.  The Culloden Bridge design assessment was presented in Chapter 
5, followed by the field test in Chapter 6.  Lastly, the strength and serviceability of the 
Culloden Bridge was evaluated by comparing experimental and theoretical values 
determined with the AASHTO specifications in Chapters 7 and 8.   
 
9.2 AASHTO Design Specifications for HPS I-Girders 
The 4th edition of the AASHTO LRFD Bridge Design Specifications limits the 
flexural capacity of HPS 100W I-girders to their yield moment capacities rather than their 
plastic moment capacities.  Although further analysis and testing is necessary to verify 
the flexural behavior of HPS, the findings of Barth, Wolfe, and Righman lay the 
necessary groundwork for the future removal of the current limit.  The results of their FE 
parametric study show that the current AASHTO design equations conservatively predict 
the design flexural capacity of HPS girders. 
Work was also conducted to develop more accurate flexural capacity equation for 
compression flange behavior in steel I-girders.  This consisted of modeling compression 
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flanges as beam-columns and accounting for the web’s contribution to the flexural 
capacity of the compression flange.  An empirical 1/3 factor was developed, through a 
large number of tests, to linearly approximate the web/flange behavioral instability during 
flexure. 
The live load deflection limit, L/800, was originally introduced to control bridge 
serviceability. If the L/800 limit is to be justified as a serviceability limit, than further 
analysis and tests are necessary to merit its applications.  Furthermore, several other 
limits already exist in the specifications to ensure serviceability.  The second live load 
deflection limit, L/1000, is used to avoid undesirable physiological effects; however, 
studies by Wright and Walker have shown that vibrations in tandem with deflection are 
the cause of undesirable physiological effects.  Hybrid girders that utilize the benefits of 
HPS are generally shallower than their lower grade steel counterparts and deflect more.  
Although live load deflection limits are optional in AASHTO, many state agencies still 
employ them which ultimately affects the economy of girders designed with HPS.  In 
conclusion, live load deflection limits should be relaxed for HPS bridge designs pending 
further studies that merit their use or modification.   
 
9.3 Culloden Bridge Design Assessment with Current AASHTO Specifications 
The Culloden Bridge was reevaluated with the 4th edition of the AASHTO 
Specifications with focus on the Strength I, Service II, and Fatigue limit states.  The 
critical sections of the bridge were checked for cross section proportions, flexure, shear, 
fatigue, permanent deformations, and elastic deformations.  From observation, the two 
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critical sections were determined to be Section II; over the pier, and Section III; at the 
middle of second span.   
Sections II and III of an exterior girder were evaluated and presented in Chapter 
5. Both sections were found to satisfy AASHTO limit states except Section III which 
violated fatigue.  AASHTO limits the live load fatigue stress range to half the constant 
amplitude fatigue threshold, or 6 ksi.  In the case of the Culloden Bridge, the stress range 
was determined to be 9.27 ksi at the connection plate weld for the diaphragm in Section 
III; exceeding the limit for a C’ connection. 
All of the cross section proportions met AASHTO requirements; however, the 
National Steel Bridge Alliance (NSBA) recommends a minimum web thickness of 7/16”, 
with a minimum of a 1/2” preferred to combat web bend-buckling at the service limit 
state.  Section III of the Culloden Bridge has a web thickness of 3/8”, which is smaller 
than the suggested limit. 
The maximum live load deflection was determined with the program CONSYS™ 
as 0.746 in.  This deflection includes distribution factors and impact.  The maximum 
allowable deflection for a bridge with sidewalks is equal to L/1000 and was determined 
to be 0.960 in. Therefore, the Culloden Bridge has a maximum theoretical deflection that 
is 9 percent less than the maximum deflection allowed by AASHTO.  
 
9.4 Strength and Serviceability Field Testing of the Culloden Bridge  
The strength and serviceability of the Culloden Bridge were evaluated 
experimentally through field tests and compared with theory using the AASHTO 
specifications.  The serviceability assessment consisted of determining the natural 
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frequency, and the lateral live load deflection distribution factors.  The strength 
assessment focused on the lateral distribution of moments and the load ratings of the 
Culloden Bridge.   
The experimental natural frequency was determined by performing a Fourier 
analysis of the acceleration data obtained through dynamic load tests.  The natural 
frequency was also calculated from an equation developed by Barth and Wu for 
comparison with the experimental value (Barth and Wu 2007).  The experimental natural 
frequency was determined to be 3.906 Hz. The theoretical natural frequency was found to 
be 3.789 Hz.  This represents a 3 percent difference between the two values.  The Ontario 
and Canadian bridge design codes present acceptable limits of vibration based on the 
maximum static deflection and the first flexural frequency.  The limits are narrowed into 
categories of bridges without sidewalks, with little used sidewalks, and with significantly 
used sidewalks.  The Culloden Bridge’s sidewalk is not used significantly; therefore, the 
maximum acceptable frequency, with a static deflection of 0.403 in., is about 4.5 Hz.  In 
conclusion, both the experimental and the theoretical natural frequencies are acceptable 
by this standard. 
The maximum experimental deflection was determined at the 0.40L1 point by 
superimposing 4 load trucks and summing the deflections recorded in each girder.  By 
observation, the largest experimental deflection (with impact) occurred in Girder 5 and 
was 0.357 in.  However, the experimental load truck weighed 51.92 kips and the 
controlling AASHTO load truck weighs 72 kips.  This equates to a 39 percent difference 
and, when accounted for, increases the maximum experimental deflection to 0.497 in.  
The maximum theoretical deflection was determined at the 0.40L1 point with 
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CONSYS™.  It was then multiplied by impact and the live load deflection distribution 
factor which includes multiple presence.  This resulted in a maximum theoretical 
deflection of 0.326 in.  This theoretical deflection is 52 percent less than the maximum 
experimental deflection, however, if you remove multiple presence from the live load 
deflection distribution factor the maximum theoretical deflection is 0.501 in.  This results 
in a maximum theoretical deflection that is 1 percent larger than the maximum 
experimental deflection.  The theoretical deflection was expected to be slightly larger 
because the theoretical deflection does not account for the additionally system stiffness 
provided by curbs, railings, sidewalks, etc. 
The live load deflection distribution factors were also determined by 
superimposing load truck placements used during field tests.  The experimental 
distribution factors of each girder were then compared with the distribution factors 
determined with AASHTO.  On average, the experimental distribution factors were 15 
percent higher than AASHTO predicted values.   
The moment distribution factors were found for each girder with 1, 2, 3, and 4 
lanes loaded by incrementally superimposing load trucks.  Each distribution factor was 
then compared with the AASHTO predicted factor for each number of lanes loaded.  The 
experimental moment distribution factors for the positive bending region were found to 
be an average 8.9 percent less than AASHTO predicted values.  The negative bending 
region over the pier was found to have experimental moment distributions an average of 
13 percent greater than AASHTO distribution factors.  Therefore, AASHTO 
conservatively predicts the moment distribution factors for Section I, but under predicts 
moment distribution factors for Section II.  
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Design and experimental load ratings were determined to assess the live load 
capacity of the Culloden Bridge.  The average experimental Strength I rating for Section I 
of an interior girder was only 1 percent less than the design, while the exterior girder 
experimental rating was 3 percent higher than design.  The experimental Strength I load 
ratings for Section II were found to be 68 and 52 percent conservative for interior and 
exterior girders, respectively.  At the Service II limit state, Section I of the interior and 
exterior girders had rating factors that were only 0.5 and 4 percent different, respectively.  
At Section II, the percent difference jumped up to 37 and 25 percent for interior and 
exterior girders.  In conclusion, all design and experimental ratings were found to be 
greater than 1.00; indicating that the Culloden Bridge has sufficient capacity. 
 
9.5 Future Work 
Research indicates that AASHTO flexural capacity equations may be used to 
accurately predict plastic moment capacities of 100 ksi steel I-girders. To merit the 
removal of current limitations placed on these equations it is suggested that future field 
tests, finite element modeling, and controlled lab testing be performed for a suite of HPS 
I-girders.  Parameters should be varied to meet key slenderness and bracing limits within 
the current specifications.    
Limiting live load deflections does not guarantee that bridges will exhibit 
favorable serviceability characteristics over their design lives.  Further investigations 
should be made into the parameters that effect damage done by elastic and permanent 
deflections.  Deflection limits are currently used to control bridge vibrations; however, 
past studies have shown that a bridge’s natural frequency, and not deflection, should be 
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limited to control vibrations.  To effectively control bridge vibrations, a natural frequency 
provision should be implemented in the AASHTO specifications capable of producing 
accurate and consistent results for various bridge types, spans, bearings, etc.  
Additionally, the inclusion of multiple presence in live load deflection distribution factors 
should be examined to merit removal when investigating maximum live load deflections.   
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Appendix A: Culloden Bridge Plans 
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Appendix B: Influence Surfaces Generated with Finite Element Modeling 
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